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Abstract
Impact driving technique is commonly used in offshore environments to install
pipe piles. This technique consists in striking the pile head with a hammer to
reach the required installation depth. The quest for offshore wind energy demands
that pipe pile foundations be installed in increasingly challenging geotechnical
conditions. To reach final installation depth, the pile has now to be driven through
very dense soil with high resistance and even into rock layers. This increases
the difficulty of pile driving while avoiding its damage during hammering. The
objective of this thesis is to portray stresses in a pipe pile during driving into rock
layer and to assess the structural integrity of the pile toe. An analytical approach
has been attempted first to solve the problem for the static case. On one hand,
an original analytical solution of a pipe pile subjected to non-axial static loading
has been developed based on the Airy stress function. This solution gave results
approaching thos...
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Abstract 
 
Impact driving technique is commonly used in offshore environments to 
install pipe piles. This technique consists in striking the pile head with a 
hammer to reach the required installation depth. The quest for offshore wind 
energy demands that pipe pile foundations be installed in increasingly 
challenging geotechnical conditions. To reach final installation depth, the pile 
has now to be driven through very dense soil with high resistance and even 
into rock layers. This increases the difficulty of pile driving while avoiding its 
damage during hammering. 
The objective of this thesis is to portray stresses in a pipe pile during driving 
into rock layer and to assess the structural integrity of the pile toe. An 
analytical approach has been attempted first to solve the problem for the static 
case. On one hand, an original analytical solution of a pipe pile subjected to 
non-axial static loading has been developed based on the Airy stress function. 
This solution gave results approaching those of Boussinesq’s plane strain 
solution for the case of large diameters. On the other hand, two novel closed-
form solutions for cylindrical and spherical cavity expansion in a rock mass 
governed by a particular case of the Hoek-Brown yield criterion were 
developed and validated numerically.  
Two numerical methods were implemented to simulate dynamic pipe pile 
driving into rock: the Lagrangian method consisting in an axisymmetric 
modelling based on the “zipper type” technique and the Coupled Eulerian 
Lagrangian method (CEL-3D). Stresses in tubular piles during impact driving 
were evaluated, allowing the structural integrity of the pile toe to be assessed. 
To validate the proposed numerical models, a 1g reduced scale model was 
built, featuring different synthetic rock resistances. The developed 
experimental model is able to simulate pipe pile driving into rock. Comparison 
between numerical simulations (CEL-3D) and experimental tests showed 
similar results in terms of strains at the pile toe level. 
Based on numerical simulations and experimental results, the following 
conclusions can be drawn: 
 The power form of the Extended Drucker-Prager yield criterion can 
emulate the mechanical behaviour of rock mass governed by the 
Hoek-Brown yield criterion. 
 The “zipper-type” technique is applicable to quasi-static cone 
penetration into dense sand and fully coring penetration of pipe pile 
undergoing driving. 
 iv 
 
 Pipe pile driving into good quality rock mass (σc>20 MPa) entails a 
significant risk of damaging the pile toe; the use of high steel grade is 
recommended. 
 
Key words: impact driving, pipe pile, rock, cavity expansion, finite elements, 
soil-structure interaction, geotechnical engineering, reduced scale tests. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 v 
 
Table of contents  
Acknowledgments ................................................................................ i 
Abstract .............................................................................................. iii 
Table of contents ................................................................................. v 
List of symbols and annotations ........................................................ x 
List of figures ................................................................................... xiii 
List of tables ...................................................................................... xx 
1 Introduction ............................................................................. 1 
1.1 Problem statement ........................................................................... 1 
1.2 Aims and objectives of the research ............................................... 3 
1.3 General Outline ............................................................................... 3 
2 Literature review ..................................................................... 5 
2.1 Offshore wind turbines founded on piles ........................................ 5 
2.1.1 Overview on offshore systems based on pile foundations ...... 5 
2.1.2 Motivations leading to the reference case ............................... 6 
2.2 Pile driving .................................................................................... 11 
2.2.1 Impact driving system ........................................................... 11 
2.3 Wave equation in pile driving ....................................................... 16 
2.3.1 Smith model (1960) .............................................................. 16 
2.3.2 Lysmer’s analogue: base model ............................................ 18 
2.4 Rock modelling: Hoek Brown resistance criterion ....................... 19 
2.4.1 General formulation of the Hoek-Brown yield criterion....... 19 
2.4.2 Hoek-Brown parameters estimation ..................................... 20 
2.4.3 Hoek–Brown strength criterion: Priest (2005) ...................... 23 
2.4.4 Extended Drucker-Prager: Power form................................. 24 
2.5 Strain rate effects on compressive strength................................... 26 
2.5.1 Strain rate effects on the rock strength.................................. 26 
2.5.2 Strain rate effects on concrete strength ................................. 27 
 vi 
 
2.5.3 Strain rate effects on steel strength ....................................... 30 
2.6 Conclusions ................................................................................... 31 
3 Analytical solution for static pipe pile penetration into 
rock  ................................................................................................. 33 
3.1 Elastic pipe pile subjected to non-axial static loading .................. 33 
3.1.1 Introduction ........................................................................... 33 
3.1.2 Non axial static pile loading: analytical approach ................ 33 
3.1.3 General solution: Fourier series superposition ...................... 39 
3.2 Pile penetration into plastifying rock ............................................ 41 
3.2.1 Introduction ........................................................................... 41 
3.2.2 Cylindrical cavity expansion in Hoek-Brown rock mass ...... 42 
3.2.3 Spherical cavity expansion in Hoek-Brown rock mass ........ 56 
3.2.4 Conclusions ........................................................................... 63 
4 Numerical modelling of (quasi)-static cone penetration 
into sand and rock ............................................................................ 64 
4.1 Introduction ................................................................................... 64 
4.2 Numerical modelling .................................................................... 64 
4.2.1 Explicit numerical solution ................................................... 65 
4.2.2 Penetration modelling ........................................................... 66 
4.2.3 Finite element model............................................................. 68 
4.2.4 Mesh smoothing .................................................................... 69 
4.2.5 Assessment of cone and friction resistance........................... 70 
4.3 Parameters of sand and rock ......................................................... 71 
4.4 Results and analysis ...................................................................... 72 
4.4.1 Cone penetration into sand .................................................... 72 
4.4.2 Cone penetration into a poor rock mass quality .................... 81 
4.5 Conclusion .................................................................................... 83 
5 Numerical modelling of pipe pile impact driving into 
rock  ................................................................................................. 85 
 vii 
 
5.1 Reference case .............................................................................. 85 
5.1.1 The pipe pile geometry parameters ....................................... 85 
5.1.2 Impact loading ...................................................................... 86 
5.2 Pipe pile driving: numerical axisymmetric modelling .................. 86 
5.2.1 Pipe pile: steel resistance ...................................................... 86 
5.2.2 Rock parameters ................................................................... 87 
5.2.3 Simulation of penetration ...................................................... 88 
5.2.4 Soil pile interaction ............................................................... 90 
5.2.5 Soil initial stresses ................................................................ 91 
5.2.6 Hammer pile interaction ....................................................... 92 
5.2.7 Results ................................................................................... 93 
5.3 Coupled Eulerian Lagrangian modelling (3D – CEL) .................. 98 
5.3.1 Advantage of CEL modelling ............................................... 98 
5.3.2 Coupled Eulerian Lagrangian (CEL) 3-D modelling ............ 99 
5.3.3 Simulations’ requirements .................................................. 101 
5.3.4 Results ................................................................................. 105 
5.3.5 Discussion and conclusions ................................................ 111 
6 Pipe pile driving on 1g model ............................................. 112 
6.1 Introduction ................................................................................. 112 
6.2 Material selection for the reduced scale experimental setup ...... 112 
6.2.1 Material for the pipe pile ..................................................... 112 
6.2.2 Material for the synthetic rock layer ................................... 114 
6.3 Reduced scale experimental setup .............................................. 121 
6.3.1 Geometry parameters .......................................................... 121 
6.3.2 Impact system assessment ................................................... 123 
6.4 Experimental Results .................................................................. 125 
6.4.1 Impact loading .................................................................... 125 
6.4.2 Strains and stresses in the tube during penetration ............. 127 
6.4.3 Tube integrity during driving .............................................. 130 
 viii 
 
6.5 Numerical modelling of the reduced scale model ....................... 132 
6.5.1 Mechanical behaviour of the built synthetic rock ............... 132 
6.5.2 Numerical modelling .......................................................... 136 
6.6 Conclusions ................................................................................. 139 
7 Conclusions and perspectives ............................................. 140 
7.1 Outline of the thesis .................................................................... 140 
7.2 Contribution of the thesis ............................................................ 140 
7.3 Perspectives ................................................................................ 141 
References ....................................................................................... 143 
Appendix ......................................................................................... 147 
A - The Wright ω function .......................................................................... 147 
A-1 Definition .......................................................................................... 147 
A-2 Properties of Wright ω function ........................................................ 148 
B - Asymptotic analysis for EDP’s parameters calculation ........................ 148 
B-1 Asymptotic analysis using the Taylor expansion when 0: .......... 148 
B-2 Asymptotic analysis using the Taylor expansion when : ......... 149 
C- Cylindrical cavity expansion: asymptotic analysis ................................ 149 
D – CPT: shear stresses .............................................................................. 150 
D-1 Case of loose sand (σv=100kPa)........................................................ 150 
D-2 Case of medium-dense sand (σv=100kPa) ........................................ 151 
D-2 Case of very-dense sand (σv=100kPa) .............................................. 152 
E – Axisymmetric modelling: very hard rock quality................................. 153 
F- 3D - CEL modelling: rock stresses (Blow n°10) .................................... 156 
F-1. Vertical stresses (average quality rock) ............................................ 156 
F-2. Lateral stresses (average quality rock) .............................................. 156 
F-3. Shear stresses (average quality rock) ................................................ 156 
F-4. Vertical stresses (very good quality rock) ........................................ 157 
F-5. Lateral stresses (very hard rock quality) ........................................... 157 
F-6. Shear stresses (very hard rock quality) ............................................. 157 
 ix 
 
G- Experimental reduced scale model: penetration into Weber92 
(σc=11MPa] ................................................................................................. 158 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 x 
 
List of symbols and annotations  
 
English 
C cohesion [Pa] 
C  integration constant 
cH-B Equivalent friction angle of Hoek-Brown criterion [°] 
cs, cb damping coefficients [N/ms-1] 
D disturbance factor of the rock [-] 
Dcone Cone diameter [mm] 
Dp tubular pile diameter [m] 
Drotor wind turbine rotor diameter [m] 
Dt Experimental tube diameter [m] 
ESteel Young’s modulus of experimental tube [MPa] 
F force [N] 
f1, f2 functions of ν and n 
G shear modulus [Pa] 
gs(r), gc(r) functions of r used in displacement calculation 
GSI Geological Strength Index [%] 
Hhub height of the wind turbine hub [m] 
hp total anchorage penetration [m] 
hr penetration into rock [m] 
hs penetration into soil [m] 
I pile impedance [N/ms-1] 
Jb, Js damping parameters [s/m] 
K helmet stiffness [N/m] 
ks, kb stiffness coefficients [N/m] 
L  pile length [m] 
Lt Experimental tube length  [m] 
M hammer mass [kg] 
mi, mb, s, α Hoek-Brown parameters  
wnacelle weight of the wind turbine  nacelle [kN] 
wrotor weight of the wind turbine rotor [kN] 
n angular frequency [rad-1] 
 xi 
 
 
Greek 
P internal applied pressure for cavity expansion problems [Pa] 
PEEQ equivalent plastic strain [%] 
p, q mean and deviatory stresses [Pa] 
Phead amplitude of the applied pressure at the pile head level [Pa] 
Pwind rated capacity of wind turbine [MWatt] 
PYield yielding pressure [Pa] 
Qb, Qs quake parameters [mm] 
QbL unit limit base resistance [Pa] 
qsL unit limit shaft resistance [Pa] 
Rp pile radius [m] 
r, θ, φ  spherical coordinate system 
r0 initial cavity radius 
Rp Radius of plastic front for cavity expansion problem [m] 
rs spherical projectile radius [mm] 
 r, θ, z cylindrical coordinate system 
tp tubular pile thickness [mm] 
tr rock layer thickness [m] 
tt Experimental tube thickness [mm] 
u pile head displacement [m] 
u1 hammer displacement [m] 
ucrp 
radial displacement at the elastic-plastic interface for 
cylindrical cavity expansion [m] 
ur radial displacement for cavity expansion problem [m] 
usrp 
radial displacement at the elastic-plastic interface for 
spherical cavity expansion [m] 
W(z) Lambert function  
wp vertical pile displacement [m] 
αd, βd angular velocity relative to discretised driving system [rad/s] 
αn Fourier coefficient  
αr rock layer slope [°] 
β non associated flow rule coefficient [-] 
η Ratio of deviatory stress and mean stress q/p [-] 
γaf flow rule coefficient associated to Hoek-Brown criterion [-] 
 xii 
 
 
  
εConf Strain confidential constant [-] 
εer, εeθ radial and circumferential elastic strain for cavity expansion 
problems [] 
εpr, εpθ radial and circumferential plastic strain for cavity expansion 
problems [-] 
εr, εθ radial and circumferential strain for cavity expansion 
problems [-] 
ν Poisson’s ratio [-] 
νsteel Poisson’s ratio of experimental tube [-] 
ρ density [kg/m3] 
ρSteel density of experimental tube [kg/m3] 
σ0 hydrostatic stress [Pa] 
σ1, σ3 major and minor principal stress [Pa] 
σc unconfined compressive strength of rock [Pa] 
σci unconfined compressive strength of intact rock [Pa] 
σConf Stress confidential constant [MPa] 
σr, σθ radial and circumferential stresses for cavity expansion 
problems [Pa] 
σt tension strength of rock [Pa] 
σzz axial stresses [Pa] 
σθθ circumferential stresses [Pa] 
τzθ shear stresses [Pa] 
φ friction angle [°] 
φH-B Equivalent cohesion of Hoek-Brown criterion [Pa] 
ψ dilatancy angle [°] 
ψ(z,θ) Airy stress function  
ω(z) Wright omega function 
⌊x⌋ The floor function  
⌈x⌉ The ceiling function 
 xiii 
 
List of figures 
Figure 1-1  Non axial effects during pile driving: (a) axi-symmetrical 
case, (b) slopping rock layer, (c) inclined pipe pile ........................................ 1 
Figure 1-2  Tubular piles damage: (a) pipe pile without driving shoe 
before driving, (b) pipe pile with driving shoe before driving (c) pipe 
pile without driving shoe after driving (d) pipe pile with driving shoe 
after driving (Fellenius et al., 1995)................................................................ 2 
Figure 2-1  Types of foundations: (a) monopole; (b) tipod foundations; 
(c) jacket foundations (After Wybren de Vries et al. (2006)) ......................... 5 
Figure 2-2  Evolution of turbine rated capacity (http://www.lorc.dk) ............ 6 
Figure 2-3  Relative foundations cost (After LEENAARS BV 
MARINE, 2011) ............................................................................................. 7 
Figure 2-4  Share of foundations types for offshore wind turbines (2011)
 ........................................................................................................................ 8 
Figure 2-5  Expected market share of offshore wind foundation types: 
(a) in 2017, (b) in 2022 ................................................................................... 8 
Figure 2-6  Evolution of share of jacket foundations (After Navigant-
2012) ............................................................................................................... 9 
Figure 2-7  Evolution of rotor diameter regarding turbine rated capacity
 ........................................................................................................................ 9 
Figure 2-8  Applicable water depth for different types of offshore 
foundations: (a) gravity foundation; (b) monopole; (c) monopole with 
guy wires; (d) tripod; (e) jacket; (f) tension legs with suction buckets; 
(g) Ballast stabilized with suction anchor (RWE, 2011) .............................. 10 
Figure 2-9  Operation principle of a diesel hammer: (a) falling down of 
the ram and air compression, (b) fuel injection, (c) impact and 
combustion, (d) ascending of the ram ........................................................... 12 
Figure 2-10  Hydraulic hammer .................................................................... 13 
Figure 2-11  Hammer-helmet-pile modeling (after Holeyman 1984) ........... 14 
Figure 2-12  Smith’s numerical model for dynamic pile analysis (after 
Smith-1960) .................................................................................................. 17 
Figure 2-13  Smith’s reactions model: (a) shaft (b) base (after Salgado 
et al 2008) ..................................................................................................... 18 
Figure 2-14  Oscillating plate on semi-infinite medium (after 
(Holeyman, 1988) ......................................................................................... 18 
Figure 2-15  Hoek- Brown parameters as a function of GSI: (a) mb, (b) 
s, (c) α ........................................................................................................... 20 
 xiv 
 
Figure 2-16  Yield criterion for power Drucker-Prager model (After 
ABAQUS [2014]) ......................................................................................... 25 
Figure 2-17  Strain rate effect on compressive and tensile strength of 
concrete (after PAJĄK, 2011)....................................................................... 28 
Figure 2-18  Effect of concrete quality on the strain rate influence 
(Bischoff and Perry, 1991) ............................................................................ 29 
Figure 2-19  Stress-strain response for concrete in compression at 
different strain rates (Bischoff and Perry, 1991)........................................... 29 
Figure 2-20  Stress strain response for steel at different strain rates 
(Hans Nordberg, 2004) ................................................................................. 30 
Figure 3-1  Cylindrical membrane subjected to one edge periodic 
longitudinal tension....................................................................................... 34 
Figure 3-2  Axial normalized stresses distribution: (a) membrane 
theory; (b) plane strain theory ....................................................................... 38 
Figure 3-3  Circumferential normalized stresses distribution: (a) 
membrane theory, (b) plane strain theory ..................................................... 38 
Figure 3-4  Shear normalized stresses distribution: (a) membrane 
theory, (b) plane strain theory ....................................................................... 39 
Figure 3-5  Pipe pile loading ......................................................................... 40 
Figure 3-6  Normalized axial stresses at the pile head level ......................... 40 
Figure 3-7  Comparison between membrane solution and Boussinesq 
plane strain solution ...................................................................................... 41 
Figure 3-8  Cylindrical cavity expansion in rock mass ................................. 42 
Figure 3-9  Numerical modeling of the cylindrical cavity expansion ........... 47 
Figure 3-10  Yield criterion in p-q plane for both H-B and EDP ................. 48 
Figure 3-11  Radial plastic strain at the cavity wall vs. pressure applied 
at the cavity wall (ABAQUS) ....................................................................... 49 
Figure 3-12  Plastic front as function of applied pressure ............................ 49 
Figure 3-13  Comparison of radial and circumferential stresses .................. 50 
Figure 3-14  Comparison of radial and circumferential strains .................... 50 
Figure 3-15 Comparison between pressuremeter tests and closed-form 
solution ......................................................................................................... 51 
Figure 3-16 Yield criterion in p-q plane: completely weathered gneiss 
(GSI=10) ....................................................................................................... 53 
Figure 3-17 Yield criterion q/p as a function of p: completely weathered 
gneiss (GSI=10) ............................................................................................ 53 
Figure 3-18 Yield criterion in p-q plane: highly weathered gneiss 
(GSI=20) ....................................................................................................... 53 
 xv 
 
Figure 3-19 Yield criterion q/p as a function of p: highly weathered 
gneiss (GSI=20) ............................................................................................ 53 
Figure 3-20 Yield criterion in p-q plane: moderately weathered gneiss 
(GSI=30) ....................................................................................................... 53 
Figure 3-21 Yield criterion q/p as a function of p: moderately weathered 
gneiss (GSI=30) ............................................................................................ 53 
Figure 3-22 Normalized probe volume variation as a function of the 
applied pressure for weathered gneiss .......................................................... 54 
Figure 3-23 Small strains normalized probe volume variation as a 
function of the applied pressure for weathered gneiss .................................. 54 
Figure 3-24  Pressiorama® [Em/PLM, PLM] spectral diagram ranging 
from soils to rocks (after Baud et Gambin 2013).......................................... 56 
Figure 3-25  Spherical cavity expansion in infinite rock medium ................ 57 
Figure 3-26  Yield surfaces for poor quality schist rock............................... 61 
Figure 3-27  Spherical cavity expansion: radial and circumferential 
stresses (poor quality schist rock) ................................................................. 61 
Figure 3-28  Spherical cavity expansion: applied pressure as a function 
of radial displacement of the cavity wall (poor quality schist rock) ............. 62 
Figure 4-1  Cone penetration: zipper type technique .................................... 67 
Figure 4-2  Contact formulation (after ABAQUS manual) .......................... 68 
Figure 4-3   Cone penetration modeling: model geometry and mesh ........... 69 
Figure 4-4  Relocation of a node during a mesh smoothing ......................... 70 
Figure 4-5  Contact stresses applied on cone tip ........................................... 71 
Figure 4-6  Cone tip resistance: Influence of the of the interface friction 
angle between the zipper element and the surrounding sand (δzipper-
sand) .............................................................................................................. 73 
Figure 4-7  Cone tip resistance: Influence of the of the interface friction 
angle between  the penetrometer and the surrounding sand (δ) .................... 73 
Figure 4-8  Cone tip resistance for diffent types of sand under 100 kPa 
of vertical geostatic stress ............................................................................. 74 
Figure 4-9  Cone tip resistance for diffent types of sand under 5 kPa of 
vertical geostatic stress ................................................................................. 74 
Figure 4-10  Sleeve side friction for diffent types of sand under 100 kPa 
of vertical geostatic stress ............................................................................. 75 
Figure 4-11  Updated non-normalized SBT chart based on 
dimensionless cone resistance, (qc/pa) and friction ration, Rf, showing 
contours of ISBT ........................................................................................... 76 
Figure 4-12  Cone penetration at different simulation steps ......................... 77 
 xvi 
 
Figure 4-13  Radial stresses during cone penetration into loose sand: (a) 
r=r0, (b) r=2xr0, (c) r=4xr0, (d) as a function of radial distance .................. 77 
Figure 4-14  Radial stresses during cone penetration into medium-dense 
sand: (a) r=r0, (b) r=2xr0, (c) r=4xr0, (d) as a function of radial distance
 ...................................................................................................................... 78 
Figure 4-15  Radial stresses during cone penetration into very dense 
sand: (a) r=r0, (b) r=2xr0, (c) r=4xr0, (d) as a function of radial distance
 ...................................................................................................................... 79 
Figure 4-16 Volumetric strain as a function of normalized radial strain 
at different peneteration levels in a loose sand ............................................. 80 
Figure 4-17 Volumetric strain as a function of normalized radial strain 
at different peneteration levels in a medium-dense sand .............................. 80 
Figure 4-18 Volumetric strain as a function of normalized radial strain 
at different peneteration lavels in a very dense sand .................................... 81 
Figure 4-19 Cone tip resistance qc vs. normalized penetration for the 
case of poor quality schist rock ..................................................................... 81 
Figure 4-20  Analogy between the cone resistance and spherical cavity 
expansion pressure limit ............................................................................... 83 
Figure 4-21 Volume smoothing method efficiency: (a) initial mesh; (b) 
volume smoothing method; (c) no volume smoothing method .................... 84 
Figure 5-1  Geometrical parameters of the problem: (a) Final position, 
(b) Installation ............................................................................................... 85 
Figure 5-2  Hammer loading curve (semi-infinite free pile) ......................... 86 
Figure 5-3  Mechanical behaviour of the steel: (a) numerical simulation; 
(b) stress-strain curve for S235JR steel ........................................................ 87 
Figure 5-4  Pile penetration: Zipper-type technique ..................................... 89 
Figure 5-5 Soil/rock separation during penetration ...................................... 90 
Figure 5-6  Interface friction angle in sand as function of mean particle 
size (d50) (after Jardine et al 1992) .............................................................. 91 
Figure 5-7  Initial geostatic stresses: (a) vertical stresses (σ’z), (b) 
horizontal stresses (σ’h) ................................................................................ 92 
Figure 5-8  Pile head: loading and impedance condition at the pile head
 ...................................................................................................................... 93 
Figure 5-9  Pile penetration history into dense sand under 5 blows 
(dense sand) .................................................................................................. 94 
Figure 5-10  Detail of pile penetration history focusing on Blow N°=1 
(dense sand) .................................................................................................. 94 
Figure 5-11  Axial stresses history under 5 blows at the pile head level 
(dense sand) .................................................................................................. 95 
 xvii 
 
Figure 5-12  Axial stresses history under blow N°1 at the pile head level 
(dense sand) .................................................................................................. 95 
Figure 5-13  Toe stress: Blow N°1 (dense sand) .......................................... 96 
Figure 5-14  Pile plugging during hammering: (a) initial configuration; 
(b) after 3 hammer blows; (c) after 5 hammer blows ................................... 97 
Figure 5-15  Non-axisymmetric cases for pipe pile driving: (a) sloping 
rock layer, (b) density anomaly .................................................................... 98 
Figure 5-16  Material deformation modelling: (a) Lagrangian 
formulation ; (b) Euleurian formulation ....................................................... 99 
Figure 5-17  Soil/rock modeling: Eulerian formulation.............................. 100 
Figure 5-18  Non-reflecting boundary conditions assessment .................... 101 
Figure 5-19  Non-reflecting boundary conditions efficiency ...................... 102 
Figure 5-20  Non-reflecting boundary conditions efficiency: energy 
absorption ................................................................................................... 102 
Figure 5-21  CEL model: meshing and boundary conditions ..................... 103 
Figure 5-22 Geostatic stresses modelling: (a) Displacement boundary 
conditions procedure; (b) Lagrangian infinite elements; (c) Stress 
boundary conditions .................................................................................... 104 
Figure 5-23  Pile penetration history under 20 blows (Very good quality 
rock) ............................................................................................................ 105 
Figure 5-24  Toe stress: Blow N°1 (dense sand) ........................................ 106 
Figure 5-25  Toe stress: Blow N°10 (Very good quality rock) ................... 106 
Figure 5-26  Toe stress: Blow N°20 (Very good quality rock) ................... 107 
Figure 5-27  Pile toe: plasticity assessment ................................................ 107 
Figure 5-28  Equivalent plastic strain at pile toe resulting from 20 
hammer blows (very good quality rock) ..................................................... 108 
Figure 5-29  Zoom of equivalent plastic strain at pile toe upon transition 
into the rock layer (very good quality rock) ............................................... 109 
Figure 5-30  Equivalent plastic strain evolution at pile toe (very good 
quality rock) ................................................................................................ 109 
Figure 5-31  Equivalent plastic strain at pile toe after 20 hammer blows: 
S355JR (very good quality rock) ................................................................ 110 
Figure 6-1  Stainless-steel uniaxial tensile test: (a) stainless steel 
specimen; (b) strain-stress curve ................................................................. 114 
Figure 6-2  Cyclic tests on foamed concrete: applied stress vs. axial 
strain ........................................................................................................... 115 
Figure 6-3  Cyclic tests on foamed concrete: applied stress vs. 
circumferential strain .................................................................................. 115 
 xviii 
 
Figure 6-4 Unconfined compressive test: axial displacement vs. applied 
stress ........................................................................................................... 116 
Figure 6-5  Unconfined compressive strength evolution of the Weber92 
mix .............................................................................................................. 118 
Figure 6-6  Unconfined compressive strength evolution of the Weber95 
mix .............................................................................................................. 118 
Figure 6-7  Unconfined tensile test: (a) speciment preparation (b) 
speciment failure ......................................................................................... 119 
Figure 6-8 Cyclic tests on Weber92 after 28 days of moist curing: 
applied stress vs. axial strain ....................................................................... 120 
Figure 6-9 Cyclic tests on Weber92 after 28 days of moist curing: 
applied stress vs. circumferential strain ...................................................... 120 
Figure 6-10 Reduced scale experimental setup: geometry parameters ....... 122 
Figure 6-11 Impact system assessment: Strain Vs. time at the pile head 
produced with the initial driving assembly (Synthetic rock=Cellular 
concrete, H=20cm)...................................................................................... 123 
Figure 6-12 Non axisymmetric loading generated by the impact system
 .................................................................................................................... 124 
Figure 6-13 Strain Vs. time at the pile head produced with the improved 
driving assembly (Synthetic rock=Cellular concrete, H=20cm) ................. 124 
Figure 6-14 Kinetic strain at tube head level for 5 cm of mass drop 
height (Foamed concrete) ........................................................................... 125 
Figure 6-15 Kinetic strain at tube head level for 20 cm of mass drop 
height (Foamed concrete) ........................................................................... 126 
Figure 6-16  Kinetic strain at tube head level for 40 cm of mass drop 
height (Foamed concrete) ........................................................................... 126 
Figure 6-17  Stresses at tube toe level during penetration into foamed 
concrete: ...................................................................................................... 128 
Figure 6-18  Maximum axial strain during penetration into foamed 
concrete at z=H (tube length=5.5m) ........................................................... 128 
Figure 6-19  Maximum axial strain during penetration into foamed 
concrete at z=H/2 (tube length=5.5m) ........................................................ 129 
Figure 6-20  Maximum axial strain during penetration into foamed 
concrete at z=2.Dt (tube length=5.5m) ....................................................... 129 
Figure 6-21  Stresses at tube toe level during penetration into Weber92 
(σc =11MPa): (a) z=2.Dt and h=20cm; (b) z=2.Dt and h=40cm; (c) 
z=2.Dt and h=80cm; (d) z=4.Dt and h=20cm; (e) z=4.Dt and h=40cm; 
(f) z=4.Dt and h=80cm (tube length=5.5m) ................................................ 130 
Figure 6-22 Recorder axial plastic strain (tube length=2.8 m) ................... 131 
 xix 
 
Figure 6-23 Rock mass Vs. intact rock ....................................................... 132 
Figure 6-24 Yield surfaces for both intact rock and rock mass .................. 132 
Figure 6-25 Intercept of yield surfaces with the p-q plan of synthetic 
rock ............................................................................................................. 134 
Figure 6-26 Post-failure yield surfaces in the p-q of the synthetic rock ..... 135 
Figure 6-27 Numerical unconfined tests: (a) compression, (b) tensile ....... 135 
Figure 6-28 Deviatoric stress during numerical unconfined 
compression test (ABAQUS) ...................................................................... 136 
Figure 6-29 Numerical modeling: Geometry parameters and mesh ........... 137 
Figure 6-30 Downward stresses measured at the tube head level during 
penetration into Weber92 (σc=11MPa) for a drop height of 40 cm ........... 138 
Figure 6-31 Comparison between numerical simulation and 
experimental signals of deformation 2D above pile toe ............................. 138 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 xx 
 
List of tables 
Tab.  2-1  Disturbance factor estimation (E. Hoek, 2002) ............................ 21 
Tab.  2-2  General chart for GSI estimates from geological observations 
(After V. Marinos, 2005) .............................................................................. 22 
Tab.  2-3  Classification of intact rock strength (V. Marinos, 2005) ............ 23 
Tab.  4-1  Selected parameters of the simulated sands ................................. 72 
Tab.  5-1  Geometrical parameters of the pile and soil/rock ......................... 85 
Tab.  5-2 Average quality rock simulation parameters ................................. 87 
Tab.  5-3  Very good quality rock simulation parameters ............................ 88 
Tab.  5-4 Soil-pile interface friction angle .................................................... 91 
Tab.  6-1   Mechanical properties for differents copper alloys ................... 112 
Tab.  6-2  Mechanical properties for differents alluminium alloys ............ 113 
Tab.  6-3  Mechanical properties of the used stainless steel given by the 
manufacturer (Travinox) ............................................................................. 113 
Tab.  6-4  Mechanical properties of the foamed concrete used to 
simulate very poor quality rock .................................................................. 117 
Tab.  6-5  Elastic modulus of the the Weber92 (average rock mass 
quality) ........................................................................................................ 121 
Tab.  6-6  Mechanical properties of the manufactured concrete at 28 
days ............................................................................................................. 121 
Tab.  6-7  Drop height as a function of impact number .............................. 131 
Tab.  6-8  Estimated Hoek-Brown parameters for Weber92 ...................... 133 
 
 
 
 1 
 
 
1 Introduction 
 
1.1 Problem statement 
Nowadays, impact driving is an increasingly used technique to install pipe 
piles in offshore environments. This technique is widely attached 
to a wide variety of engineering works such as piles and mega-piles holding 
offshore structures such as wind turbines and platforms for oil and gas. The 
impact loading generated during driving serves to install the pile to the 
requirement depth. 
For instance, because of the large size of installed pipe pile (diameter can 
typically reach 6 m for mono-piles), reactions at the toe level of the pile are 
no longer uniform during driving (Figure 1-1 b, c). This non-uniformity of 
reactions induces dynamic flexion as well as non-axial effects inside the pile 
leading to pile toe damage. 
 
Figure 1-1  Non axial effects during pile driving: (a) axi-symmetrical case, (b) 
slopping rock layer, (c) inclined pipe pile 
In addition to the continuous growth of pile size, pipe piles are installed 
increasingly in extreme geotechnical conditions. Indeed, tubular piles are 
driven to very large depth. To reach final installation depth, the pile has to be 
driven through dense soil with high resistance such as rock layers. This 
increases challenges concerning the feasibility of driving while avoiding pile 
damage during hammering (Figure 1-1.a). 
(a) (b) (c) 
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In order to drive the pile to the required depth, obstacles are potentially 
encountered which threaten the integrity of the pipe pile and more specifically 
that of the pile toe. In order to increase the end bearing capacity of pipe piles, 
toe may be strengthened by welding-on a steel ring called driving shoe. 
Driving shoes should be considered when structural steel shapes are driven 
through obstructions or to sloping hard rock (Figure 1-1.b). The driving shoe 
should be designed based on the assessment of stresses inside the pipe pile 
generated during driving. An accurate assessment of stresses during driving is 
necessary to ensure the integrity of the pile and the feasibility of driving. 
Figure 1-2 (a) and (c) show the initial and collapsed conditions of an open 
ended pipe pile driven without toe protection (without driving shoe). It can be 
observed from Figure 1-2 (b) and (d) that the use of a driving shoe does not 
guarantee the structural integrity of the pile toe.  
 
  
(a) (b) 
  
(c ) (d) 
Figure 1-2  Tubular piles damage: (a) pipe pile without driving shoe before driving, (b) 
pipe pile with driving shoe before driving (c) pipe pile without driving shoe after 
driving (d) pipe pile with driving shoe after driving (Fellenius et al., 1995) 
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Figure 1-2 illustrate the need for a more accurate assessment of stresses in the 
pipe pile arising during driving to avoid pile damage even while using toe 
protection such as a driving shoe and to optimize the installation process of 
especially for offshore foundations. 
1.2 Aims and objectives of the research 
The research focuses on the assessment of stresses in a pipe pile during 
driving. The thesis reviews first the reactions of soil during penetration by 
suggesting a methodology to model mechanical rock behaviour during 
hammering. We will apply a resistance criterion to the pile during installation 
to assess and avoid pile damage. 
1.3 General Outline 
After this introduction, the second chapter deals with the selection of a 
reference case. This step consists in determining the most representative 
problem to be solved in terms of pile, soil, and rock parameters and also 
driving hammer. The choice of these parameters is based on a bibliographic 
study. This chapter presents also different methods to model the soil-pile 
interactions during driving. It also addresses strain rate effects on materials’ 
strength. Different materials are considered: soil, rock, concrete, and steel. 
The third chapter shows approaches estimate stresses in pipe piles subjected 
to non-axial static loads. The first part presents an analytical solution of a pipe 
pile subjected to non-axial static loading. The developed solution is based on 
the Airy stress function. The second part presents an analytical solution for 
cavity expansion problems in rock mass governed by the Hoek-Brown yield 
criterion. Within this context, two original analytical solutions have been 
developed for respectively a cylindrical cavity and a spherical cavity based on 
the Lambert W function. 
The fourth chapter presents a numerical study for quasi-static cone penetration 
into sand and rock based on a specific technique called “zipper-type 
technique”. The main objective of this chapter is to assess the capability and 
the validity of this technique to simulate penetration problems. Within this 
framework, a parametric study has been performed. 
The fifth chapter deals with stresses in tubular piles during impact driving and 
aims mainly at portraying stresses inside the driven pile with a view to assess 
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the integrity of the pile toe. Two methods have been implemented to simulate 
dynamic pipe pile driving into rock: the Lagrangian method consisting in an 
axi-symmetric modeling based on the “zipper type” technique and the coupled 
Eulerian Lagrangian method consisting in a three dimensional (3-D) 
modeling. 
The sixth chapter represents a reduced scale experimental model allowing the 
simulation of pipe pile driving into rock. At an initial stage, materials used 
during experimental simulations are defined. Then, as a second stage, the 
reduced scale model is depicted (geometry, impact system).  The third section 
presents a numerical model for the reduced scale model. The fourth section 
shows experimental and numerical results. 
The last chapter is devoted to conclusions and leads to perspectives for further 
research. 
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2 Literature review 
 
2.1 Offshore wind turbines founded on piles 
2.1.1 Overview on offshore systems based on pile foundations 
There are different types of offshore foundations based on pipe piles. These 
include, among others, mono-piles, tripods, and jacket foundations. These 
foundations are used in harsh environmental conditions in order to safely 
support offshore structures such as wind turbines, platforms for oil and gas, 
and bridges. Figure 2-1 shows the principal components of an offshore wind 
turbine based on piles respectively for monopole, tripod, and jackets. 
 
 
 
Figure 2-1  Types of foundations: (a) monopole; (b) tipod foundations; (c) jacket 
foundations (After Wybren de Vries et al. (2006)) 
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2.1.2 Motivations leading to the reference case 
A survey has been conducted to make an appropriate choice of a reference 
case. The reference case should give a solution for potential problems 
encountered during pipe pile driving, in particular those encountered when 
installing foundations to support offshore wind turbines since offshore wind 
energy is a booming sector appearing as a potential solution for present and 
future energy supply. 
2.1.2.1 Future offshore wind turbines 
The choice of the reference case is based on a bibliographic study. This study 
focused on offshore wind turbines projects in order to size the pipe pile 
reference case. The first step of this study consisted in estimating the future 
wind turbines in terms of rated capacity, dimensions of the rotor, and the 
weight of the nacelle. Out time line extends over the next 5-10 years. 
Offshore wind turbines have evolved considerably in the last two decades. 
Indeed, the offshore wind sector started in the early 1980s with wind turbines 
ranging from 20 to 30 kW. Today, offshore wind turbines having size of 3 to 
6 MW are available and have been already installed in some parts of Europe 
while wind turbines with a capacity of up to 7 MW are being tested. 
Figure 2-2 shows the evolution of offshore turbine rated capacity. A 
correlation has been fitted to data points covering the last 15 years in order to 
project the future rated capacity: the order of 10 MW is toward 2020 estimated 
to be of the order of 10 MW. 
 
Figure 2-2  Evolution of turbine rated capacity (http://www.lorc.dk) 
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This significant growth in the size of offshore wind turbine is due to their 
efficiency regarding to onshore wind turbines. In addition to that, the use of 
big offshore wind turbines reduces the foundation cost as shown in Figure 2-3: 
 
 
 
 
 
 
 
 
Figure 2-3  Relative foundations cost (After LEENAARS BV MARINE, 2011)  
It can be expected that foundation cost for wind energy parks can be lowered 
by selecting the largest available wind turbine size. For a the total power off 
1000 MW to be installed, foundation costs are significantly lower using a 
10MW jacket foundation modules compared to a 5MW or 3MW foundation 
modules. 
2.1.2.2 Current and future offshore foundations for wind 
turbines 
One of the present and future challenges in connection with offshore 
technology is the type of foundation and the material used to support the 
turbine (concrete, steel, etc.), especially in deep water. Actually, there are 
several different types of offshore foundations as shown in Section 2.1.1, used 
either in the offshore oil and gas industry or in the off-shore wind industry. 
Figure 2-4 shows the share of foundations types for offshore wind turbines. It 
evidences that, as of 2011, the mono-pile has remained the most common used 
offshore foundations until 2011. 
 
0% 50% 100%
3,3 MW x 300
5 MW x 200
10 MW x100
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Figure 2-4  Share of foundations types for offshore wind turbines (2011) 
(After Navigant 2012) 
 
The choice of the adequate foundation type for offshore wind turbine is vital. 
Figure 2-5 shows the share of foundations type in the future (2017 and 2022) 
estimated by Navigant, 2012). It is notable that the market share of jacket 
foundations for offshore wind turbines is expected to grow.  
 
 
 
Figure 2-5  Expected market share of offshore wind foundation types: (a) in 2017, (b) in 
2022 
(After Navigant-2012) 
 
Figure 2-4 and Figure 2-5 can be combined into Figure 2-6 which shows the 
expected evolution of the market share between mono-piles foundation and 
jacket foundations. Figure 2-6 highlights that the use of jacket as foundations 
offers the highest growth potential. 
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Figure 2-6  Evolution of share of jacket foundations (After Navigant-2012) 
2.1.2.3 Characterization of the future offshore wind turbine 
Based on a statistical analysis of offshore wind projects, we estimated the rotor 
diameter (DRotor) as a function of the rated capacity of the turbine (Pwind). This 
relationship is depicted in Figure 2-7. 
 
 
Figure 2-7  Evolution of rotor diameter regarding turbine rated capacity 
Based on the above correlation concerning the size of the turbine as a function 
of the rated capacity, we expect that a 10 MW rotor would have a diameter of 
167 m. This correlation can be verified by considering the Norwegian “Sway” 
project (4C Offshore Overview, 2013). In fact, this project aims to install a 10 
MW rated capacity using an offshore turbine with 164 m as rotor diameter. 
Once the rotor diameter is estimated, the other characteristics of the turbine 
can be also estimated. These characteristics include, among others, the weight 
of the turbine head (weight of both rotor and nacelle), and the hub height.  
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Based on our review of a set of offshore wind projects, we anticipate that rotor 
weight (wrotor), nacelle weight (wnacelle), and hub height (Hhub) can be 
respectively correlated in terms of rotor diameter (Drotor) by the following three 
equations:  
 
7.870.11.16  rotorrotor Dw  
47.2.014.0 rotornacelle Dw   
92.18.578.0  rotorhub DH  
Equ.  2-1 
where the rotor diameter and hub height are expressed in meters while the 
weights of the rotor and of the nacelle are expressed in kN. 
Once the future (2020) offshore wind turbine is identified in terms of rated 
capacity, rotor diameter, nacelle weight, and hub height, the jacket type 
foundation has been selected as the appropriate offshore system due to its 
capacity to reach deeper water comparing to other systems as shown in Figure 
2-8. 
 
Figure 2-8  Applicable water depth for different types of offshore foundations: (a) 
gravity foundation; (b) monopole; (c) monopole with guy wires; (d) tripod; (e) jacket; (f) 
tension legs with suction buckets; (g) Ballast stabilized with suction anchor (RWE, 2011) 
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Based on the above, a piling reference case can be defined assuming a jacket-
type foundation system. Depicted in Chapter 5, that reference case can be 
summarized as follows: 
- Geometry parameters of the pipe (tubular) pile used to maintain the 
jacket (outer pile diameter Dp=1.83 m and thickness tp=50.8mm). 
- Installation requirement: anchorage penetration. 
- Mechanical properties of the pile, soil, and rock. 
2.2 Pile driving 
2.2.1 Impact driving system 
A pile driver is a mechanical device used to drive piles into soil to 
provide foundation support for buildings or other structures. One traditional 
type of pile driver includes a heavy weight placed between guides so that it is 
able to freely slide up and down in a single line. It is placed upon a pile. The 
weight is raised, which may involve the use of diesel or hydraulics. When the 
weight reaches its highest point it is then released and smashes on to the pile 
in order to drive it into the ground. This technique is called impact driving and 
it is widely used especially in offshore piling. In practice, there is two main 
types of driving hammers. 
2.2.1.1 Diesel hammer 
The ram falls inside the cylinder and passes the intake and exhaust ports The 
amount of air that is trapped inside the cylinder is compressed, while the ram 
continues to fall (Figure 2-9-a). When the ram activates the lever, the fuel 
pump sprays an amount of diesel onto the anvil (Figure 2-9-b). The ram hits 
the anvil and the blow is delivered to the pile, which penetrates the ground. 
The fuel that was present on the anvil is atomized by the impact, and combusts 
with the air that is present in the air pockets on the side (Figure 2-9-c). Due to 
the combustion, the pressure rises significantly which will throw the ram up 
in the air again (Figure 2-9-d). When the ram passes the exhaust ports the 
excess pressure present in the exhaust gasses are blown off. Meanwhile, the 
ram continues its upward movement gradually, being slowed down under the 
force of gravity. The ram that continues to move upwards will draw in more 
fresh air, until the speed of the ram is zero and it begins to fall again to perform 
the next cycle. 
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Figure 2-9  Operation principle of a diesel hammer: (a) falling down of 
the ram and air compression, (b) fuel injection, (c) impact and 
combustion, (d) ascending of the ram 
 
2.2.1.2 Hydraulic hammer 
The operating cycle of the hydraulic hammer (Figure 2-10) begins with the 
lifting phase of the ram (ram weight, ram pin and piston rod are forged in one 
piece). Valve P in the pressure line is opened and valve R in the return line is 
closed. When the stroke position point is reached, the valves are automatically 
reversed allowing the ram to start its downward stroke. The ram is accelerated 
by pressurized gas above the piston. This reduces the necessary maximum 
stroke and at the same time increases the blow rate of the hammer. After 
impact the cycle repeats itself automatically. The ram is guided by oil 
lubricated upper and lower bearings. The hammer operates under every 
inclination, even horizontally thanks to the cap pressure. On impact the ram 
strikes either a solid steel anvil (for steel piles), or a pile cap (for concrete 
piles). The pile cap contains a hammer cushion on top and a pile cushion at 
the bottom.  
 
 13 
 
 
Figure 2-10  Hydraulic hammer 
 
2.2.1.3 Hammer-helmet-pile system 
In order to model the hammer-helmet-pile system, only the damping part of 
the pile (pile impedance Ip) is considered. This hypothesis is due to the 
slenderness, weight, and elasticity of the pile.  The hammer is modeled by its 
mass. These considerations are depicted in the following figure 
(HOLEYMAN, 1984). 
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Figure 2-11  Hammer-helmet-pile modeling (after Holeyman 1984) 
Motion equations can be expressed as follows when neglecting the effect of 
the gravity: 
 
  0. 11  uukuM   
  0. 1  uukuI p   
Equ.  2-2 
 
Then, by defining, 
 
M
k
n 
 
[s-1] 
Equ.  2-3 
I
k
d
2
  [s
-1] 
 
Equation (Equ.  2-2) becomes: 
 
0.. 21
2
1  uuu nn   
0.2.2 1  uuu dd   
Equ.  2-4 
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Finally, by expressing u1 as a function of u, we obtain the following third order 
differential equation: 
0.2 2  uuu nd    Equ.  2-5 
Initial conditions are given by equation (Equ.  2-6) 
 
  00 tu                    
001 tu         
Equ.  2-6 
  00 tu                     it vu 01  
In order to assess the force F generated by the hammer during driving, three 
cases must be considered according the sign of the term: kM-4I2 
 
Case n°1:  kM-4I2>0 
 te
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F
d
t
d
d
i
d .sinh.
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   Equ.  2-7 
 
It can be noted that the maximum of force in this case is reached at 𝑡 =
1
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where  𝛽𝑑 = √𝛼𝑑
2 − 𝜔𝑛
2 
 
Case n°2:  kM-4I2=0 
t
d
i
det
Iv
F   ..2  Equ.  2-9 
The force reaches the maximum at 𝑡 =
1
𝛼𝑑
 
 
 
 
 
 16 
 
Case n°2:  kM-4I2<0 
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   Equ.  2-10 
where  𝛽𝑑 = √𝜔𝑛
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2.3 Wave equation in pile driving 
2.3.1 Smith model (1960) 
In the late 1950s, Smith (1960) developed an entirely numerical method to 
analyze pile driving without the use of complex mathematics. The pile is 
discretized into a series of lumped masses interconnected with linear springs 
(Figure 2-12). Reactions of soils are depicted into shaft reactions and base 
reaction. Both of them are modeled by a set of springs, dashpots and sliders. 
The dynamic equilibrium was solved by using a small incremental time. The 
central finite difference method is often used to investigate the laws of 
medium. 
2.3.1.1 Shaft reactions 
In Smith’s model, soil reactions depend on the pile displacement and pile 
velocity. Then, the soil reaction in terms of stress along the pile shaft can be 
expressed by the following equation: 
 
  sssLssShaft wcqwk  ,.min  Equ.  2-12 
where ks and cs are respectively the spring stiffness coefficient and the dashpot 
coefficient at the shaft level while qsL is the unit limit shaft resistance and ws 
and ?̇?𝑠 are respectively the pile shaft displacement and the pile shaft velocity 
(Salgado et al., 2008).  
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Figure 2-12  Smith’s numerical model for dynamic pile analysis (after Smith-1960) 
The stiffness of the spring and the coefficient of the dashpot are expressed 
respectively by the following equation: 
 
s
sL
s
Q
q
k 
 
sLss qJc .  
Equ.  2-13 
Qs is called “quake”. This parameter has units of length. The quake represents 
the yielding displacement (displacement at which perfect plasticity starts). 
Then, when displacement exceeds the quake, the slider is activated and spring 
deformation is stopped. Js is damping parameter [m/s]. 
2.3.1.2 Base model 
Base reaction in terms of stress is expressed as function of pile base 
displacement (wb) and the pile base velocity (?̇?𝑏) as follows: 
 
  bbbubbbase wcQwkq  ,.min  Equ.  2-14 
Where kb and cb are respectively spring stiffness coefficient and the dashpot 
coefficient at the base level while QbL is the base limit resistance. The stiffness 
of the spring and the coefficient of the dashpot are expressed as follows: 
 18 
 
b
bL
b
Q
Q
k 
 
bLbb QJc .  
Equ.  2-15 
Qb and Jb are respectively the quake and damping parameter at the base of the 
pile. It can be noted that, as the pile is driven downward, the soil under the 
point of the pile is displaced rapidly comparing to the soil alongside the pile. 
Thus, the value of Js should be smaller than that of Jb. Smith, 1960 suggested 
the values Jb=0.15 s/ft (0.492 s/m), Js=0.05 s/ft (0.164s/m) for the damping 
parameters and Qs=Qb=0.1inch (2.5 mm) 
 
 
Figure 2-13  Smith’s reactions model: (a) shaft (b) base (after Salgado et al 2008) 
2.3.2  Lysmer’s analogue: base model 
The problem of a footing vibrating on the surface of an elastic semi-infinite 
medium (Figure 2-14) was considered in order to assess the soil-pile 
interaction at the base level. 
 
Figure 2-14  Oscillating plate on semi-infinite medium (after (Holeyman, 1988) 
The spring constant (kb) and the damping coefficient (cb) can be expressed by 
the elastic parameters of the half-space and also by the radius of the plate 
(Lysmer, 1965; Holeyman, 1988) 
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



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4.3 2 GR
cb  
Equ.  2-16 
where G, ν, and ρ are respectively the shear modulus, the Poisson’s ratio, and 
the density of the elastic medium while R is the radius of the plate.  
2.4 Rock modelling: Hoek Brown resistance criterion  
The Hoek-Brown failure criterion is widely accepted for rock masses and has 
been applied in a large number of projects around the world.  Hoek and Brown 
(1980, 1988) introduced their failure criterion in an attempt to provide input 
data for the analyses required for the design of underground excavations in 
hard rock. The criterion was derived from the results of research into the brittle 
failure of intact rock and on model studies of jointed rock, mass behaviour by 
Brown. The criterion started from the properties of intact rock, incorporating 
factors to reduce these properties on the basis of the characteristics of joints 
in a rock mass. 
2.4.1 General formulation of the Hoek-Brown yield criterion  
The material parameters for the rock mass are derived from two parameters 
related to the intact rock material and coupled with two parameters 
characterizing the quality of the in-situ rock mass. The intact rock parameters 
are the uniaxial compressive strength of the intact rock material σci, and the 
petrographic constant mi. The first in-situ parameter is the geological strength 
index (GSI), which represents a qualitative classification number for rock 
masses. The second in-situ parameter is the disturbance factor (D). Based on 
these parameters the Hoek-Brown failure criterion is written as: 
 



 





 sm
ci
bci
3
31  Equ.  2-17 
where σ1  and σ3 are the major and minor effective principal stresses at failure. 
It should be recalled that compressive stresses are taken as positive. 
- σci is the unconfined compressive strength of the intact rock 
- mb is the reduced value of the material constant mi 
- mi and s are material constant (s=1 for the case of intact rock) 
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 (a) (b) (c ) 
Figure 2-15  Hoek- Brown parameters as a function of GSI: (a) mb, (b) s, (c) α 
Figure 2-15. c evidences that α≈0.5. This approximation will be used later in 
Section 3.2 during the development of the analytical solution  
The unconfined compressive strength of the rock can be expressed as follows: 
 
 scic   Equ.  2-19 
 
The tension strength is assessed as follows: 
b
ci
t
m
s
   Equ.  2-20 
2.4.2 Hoek-Brown parameters estimation 
The disturbance factor D depends upon the degree of disturbance to which the 
rock mass has been subjected. It varies from 0 for undisturbed in situ rock 
masses to 1 for very disturbed rock masses. Based on excavation results, E. 
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Hoek and al., 2002 have attempted to draw up a set of guidelines for estimating 
the factor D. These guidelines can be summarized in table. 2-2. 
Appearance of 
rock mass 
Description of rock mass 
Suggested 
value of D 
 
Excellent quality controlled blasting or 
excavation by Tunnel Boring Machine results 
in minimal disturbance to the confined rock 
mass surrounding a tunnel. 
D=0 
 
Very poor quality blasting in a hard rock 
tunnel results in severe local damage, 
extending 2 or 3 m, in the surrounding rock 
mass. 
D = 0.8 
 
 
Small scale blasting in civil engineering 
slopes results in modest rock mass damage, 
particularly if controlled blasting is used as 
shown on the left hand side of the 
photograph. However, stress relief results   in 
some disturbance 
D = 0.7 
Good 
blasting 
D = 1.0 
Poor 
blasting 
Tab.  2-1  Disturbance factor estimation (E. Hoek, 2002) 
The classification of rock in terms of geological strength index (GSI) is 
depicted in the table 2-3.  
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GEOLOGICAL STRENGTH INDEX FOR JOINTED ROCKS (Hoek 
and Marinos, 2000) 
From the lithology, structure and surface conditions of the 
discontinuities, estimate the average value of GSI. Do not try to 
be too precise. Quoting a range from 33 to 37 is more realistic 
than stating that GSI = 35. Note that the table does not apply to 
structurally controlled failures. Where weak planar structural 
planes are present in an unfavorable orientation with respect to 
the excavation face, these will dominate the rock mass behavior. 
The shear strength of surfaces in rocks that are prone to 
deterioration as a result of changes in moisture content will be 
reduced if water is present. When working with rocks in the fair 
to very poor categories, a shift to the right may be made for wet 
conditions. Water pressure is dealt with by effective stress 
analysis. 
V
e
r
y
 g
o
o
d
 (
V
er
y
 r
o
u
g
h
, 
fr
es
h
 u
n
-w
ea
th
er
ed
 s
u
rf
ac
es
) 
G
o
o
d
 (
R
o
u
g
h
, 
sl
ig
h
tl
y
 w
ea
th
er
ed
, 
ir
o
n
 s
ta
in
ed
 s
u
rf
ac
es
) 
F
a
ir
 (
S
m
o
o
th
, 
m
o
d
er
at
el
y
 w
ea
th
er
ed
) 
P
o
o
r
 (
S
li
ck
en
si
d
ed
, 
h
ig
h
ly
 w
ea
th
er
ed
 s
u
rf
ac
es
) 
V
e
r
y
 p
o
o
r 
(S
li
ck
en
si
d
ed
, 
h
ig
h
ly
 w
ea
th
er
ed
 s
u
rf
ac
es
) 
Structure 

  
  
 D
ec
re
a
si
n
g
 i
n
te
rl
o
ck
in
g
 o
f 
ro
ck
 p
ie
ce
s 
Decreasing surface 
quality    
 
INTACT OR MASSIVE: intact rock specimens 
or massive in situ rock with few widely spaced 
discontinuities 
90 
     80 
    
 
BLOCKY: well interlocked undisturbed rock 
mass consisting of cubical blocks formed by three 
intersecting  discontinuity sets 
 70    
60 
50 
 
VEHY BLOCKY: well interlocked partially 
disturbed mass with multi-faceted angular blocks 
formed by 4 or more joint sets 
   
40 
  
 
BLOKCY/DISTURBED/SEAMY: folded with 
angular blocks formed by many intersecting 
discontinuities sets. Persistence of bedding planes 
or schistosity. 
  30   
 
20 
 
DISINTEGRATED: poorly interlocked, heavy 
broken rock mass with mixture of angular and 
round rock pieces 
    10 
 
LAMINATED/ SHEARED: lack of blockiness 
due to close spacing of weak schistosity or shear 
planes 
     
Tab.  2-2  General chart for GSI estimates from geological observations (After V. 
Marinos, 2005) 
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Unconfined compressive strength of the intact rock (σci) represents an 
important parameter in the Hoek-Brown resistance criterion. This parameter 
can be estimated using the following table: 
Rock 
type 
σci  
[MPa] 
Field estimate of 
strength 
Examples 
Extremely 
Strong 
>250 Specimen can only be chipped 
with a geological hammer 
Fresh basalt, 
chert, diabase, 
gneiss, granite, 
quartzite 
Very 
strong 
100~250 Specimen requires many blows 
of a geological hammer to 
fracture it 
Amphibolite, 
sandstone, basalt, 
gabbro, gneiss, 
granodiorite, 
peridotite , 
rhyolite, tuff 
Strong 50~100 Specimen requires more than 
one blow of a geological 
hammer to fracture it 
Limestone, 
marble, 
sandstone, schist 
Medium 
strong 
25~50 Cannot be scraped or peeled 
with a pocket knife, specimen 
can be fractured with a single 
blow from a geological hammer 
Concrete, phyllite, 
schist, siltstone 
Weak 5~25 Can be peeled with a pocket 
knife with difficulty, shallow 
indentation made by firm blow 
with point of a geological 
hammer 
Chalk, claystone, 
potash, marl, 
siltstone, shale, 
rock salt, 
Very 
weak  
1~5 Crumbles under firm blows 
with point of a geological 
hammer, can be peeled by a 
pocket knife 
Highly weathered 
or altered rock, 
shale 
Extremely 
Weak 
0.2~1 Indented by thumbnail Stiff fault gouge 
Tab.  2-3  Classification of intact rock strength (V. Marinos, 2005) 
2.4.3 Hoek–Brown strength criterion: Priest (2005) 
Priest (2005) proposed the following 3D version of the original Hoek–Brown 
strength criterion (Equ.  2-17) which is expressed as: 
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Equ.  2-21
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where I1 and J2 are respectively, the first stress invariant and the second 
deviator stress invariant defined by: 
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Equ.  2-22
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Equ.  2-23
 
 
where σ1, σ2, and σ3 are respectively the major, intermediate, and the minor 
principal stresses.  
In the p-q plane, Equ.  2-21 becomes: 
 
0
2
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Equ.  2-24
 
 
where p and q are respectively the equivalent pressure (or mean stress) and 
the Von Mises equivalent stress, defined as function of I1 and J2 as follows: 
 
1Ip           23Jq 
 
Equ.  2-25
 
 
2.4.4 Extended Drucker-Prager: Power form 
The extended Drucker-Prager (EDP) yield criterion, available as a “material” 
in the ABAQUS® (Analysis user’s manual, volume III [2014]) material 
library, has been found appropriate to emulate a Hoek-Brown type criterion. 
This material can be used for both explicit (ABAQUS/Explicit) and implicit 
(ABAQUS/Standard) analyses and it is typically used for granular medium 
such as soils and for rocks. In particular, the EDP yield criterion can be 
expressed under a power form as follows:  
 
   0,  t
b ppaqqpF         
 
Equ.  2-26
 
 
The yield criterion of the power form of the EDP in the p-q plane is depicted 
in Figure 2-16 evidencing –pt as the isotropic tensile limit of the material. 
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Figure 2-16  Yield criterion for power Drucker-Prager model (After 
ABAQUS [2014]) 
Parameters of the EDP criterion can be chosen to produce a yield function 
approximating a given H-B yield criterion. An explicit determination of 
parameters a, b, and pt can even be developed by imposing that the two yield 
curves coincide at three selected points A, B, and C. For this purpose, two 
cases are considered, depending on the sign of the mean stress p and the 
relative deviation =q/p of the stress tensor: 
 
 p<0 and <0: 
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Equ.  2-27
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Equ.  2-28
 
 
 p>0 and >0: 
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Equ.  2-29
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Equ.  2-30
 
 
Finally, when selecting three points (pA=-s.σci/mb and qA=0; qB=B.pB; 
qC=C.pC), the EDP yield criterion parameters can be explicitly defined as 
follows when using three points. 
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2.5            Strain rate effects on compressive strength 
2.5.1 Strain rate effects on the rock strength 
Rock’ strength, as many other materials, changes with the loading rate. There 
have been many studies aiming to derive empirical equation to express the 
influence of strain rate (or loading rate) on the rock material strength. These 
studies are mainly based on experimental tests. 
2.5.1.1 Model of Lankford (1981) 
Based on uni-axial compression tests with strain rate ranging between 10-6 
and 104 [strain.s-1] on limestone, Lankford (1981) proposed the following 
strain-stress relationship at dynamic loading. 








n
1
n1
1
c
 




dc  
 < 102 s-1 
Equ.  2-32 
 > 102 s-1 
Where σdc is the uni-axial compressive strength while n and nc are material 
constants.       
According to Lankford, n and nc are equal respectively to 3 and 130. Lankford 
noticed the existence of a critical strain rate for some material so that the 
material compressive strength increases slightly when the strain rate is smaller 
than the critical strain rate. Beyond that threshold, the rock compressive 
strength rapidly increases with the strain rate. 
2.5.1.2 Model of Olsson (1991) 
In the same context, Olsson (1991) has studied the strain rate effects on the 
compressive behavior of tuff with the strain rate in the range of 10-6 to 103 
[strain.s-1]. He proposed the following relationship between the dynamic 
strength and the strain rate. 
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dc  
 <102 s-1 
Equ.  2-33 
 >102 s-1 
2.5.1.3 Model of Masuda and al (1987) 
Based on laboratory tests on granite at strain rate range between 10 -4 and 100, 
Masuda, Mizutani, and Yamata concluded that the dynamic compressive 
strength of granite increase with the strain rate. They proposed the following 
relationship: 
 
  cdc C   log.  Equ.  2-34 
where σc is the unconfined compressive strength, C is the constant for rock 
material 
2.5.1.4 Model of Zhao (2000) 
Based on experimental tests on granite with a strain rate ranging from 10-4 to 
100, Zhao noticed the relationship between the dynamic strength and the 
loading rate can be expressed as follow: 
sc
sc
dc
ddc RSC 


 
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
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


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

log. 
 
Equ.  2-35
 
 
where 𝜎𝑑𝑐̇  : the dynamic loading rate 
𝜎𝑠𝑐̇   : the quasi-static loading rate 
σsc : is the uni-axial compressive strength at quasi-static 
loading rate (0,5~1 MPa.s-1 according to the International 
Society for Rock Mechanics (ISRM) 
RSCd: Dynamic rock strength constant for the rock material 
2.5.2 Strain rate effects on concrete strength 
 Concrete materials subjected to different compressive and tensile strain rates 
are presented respectively in Figure 2-17 and Figure 2-18. The results are 
presented as the Dynamic Increase Factor (DIF) versus log of strain rate. The 
DIF is defined as the ratio of the dynamic strength to quasi-static strength. 
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Figure 2-17 shows that the rate effect is pronouncedly higher in tension than 
in compression. There are no significant differences in behaviour of concrete 
in compression and tension for strain rates lower than 10-1 [1/s]. The 
significant differences in the behaviour of concrete appear for higher strain 
rates. The large increase in strength of concrete starts for lower strain rates in 
tension than in compression. In tension, the DIF factor seems to increase 
rapidly beyond a strain rate about 1 s-1 to reach the value of 13.0.Whereas, in 
compression, The DIF increases rapidly from 100 s-1 of strain rate to reach a 
maximum value of 3.5. 
 
Figure 2-17  Strain rate effect on compressive and tensile strength of concrete (after 
PAJĄK, 2011) 
 
Many researchers have observed that concrete with a higher unconfined 
compressive strength exhibit a smaller percentage gain of DIF than weaker 
concretes. 
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Figure 2-18  Effect of concrete quality on the strain rate influence (Bischoff and Perry, 
1991) 
It is generally accepted that the elastic modulus should increase with an 
increase in strain rate. The secant modulus, which in practice is measured up 
to a value anywhere between one-third and the full failure load, or at a 
particular value of axial strain (usually 1000 µε), is almost always observed 
to increase as shown by Figure 2-19 
 
Figure 2-19  Stress-strain response for concrete in compression at different strain rates 
(Bischoff and Perry, 1991) 
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2.5.3 Strain rate effects on steel strength 
2.5.3.1 Experimental tests 
RWTH Aachen University (Germany) has tested AISI 301LN of 400 MPa of 
yield strength at 0.2% of plastic strain (Rp0.2 = 400 MPa) in annealed condition 
within a EuroInox Automotive project. The tests aimed to study the influence 
of the strain rate on the strength of the annealed steel and have been performed 
in tension at temperature of 293K on 0.7 to 2.25 mm thick steel sheet. They 
have been evaluated for 2, 5, and 10% true strain and the results are shown in 
Figure 2-20. 
 
Figure 2-20  Stress strain response for steel at different strain rates (Hans Nordberg, 
2004) 
 
2.5.3.2 Theoretical modelling: Cowper and Symonds model 
The well-known Cowper-Symonds (Virginija Gyliene et al., 2011) is widely 
used to assess material behavior at different strain rates. Dynamic effects are 
taken into account by scaling yield stress by the strain rate dependent factor 
as shown in  
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where: d, s, and ε̇ are respectively the dynamic yield stress, the static yield 
stress, and the strain rate. Pcs and Ccs are constants of Cowper- Symonds 
relation. 
2.6 Conclusions 
A statistical study concerning foundations used for offshore wind turbines has 
been conducted. This study allowed the estimation of the incoming wind 
turbines capacity (10 MW) in addition to the appropriate foundations (jacket 
foundations). The considered reference foundation system involves a steel 
pipe pile of 1.83 m diameter and of 50.8 mm thickness.  
 
This research is focusing on the installation of pipe pile in rock. Three main 
aspects will be studied: portraying stresses in the pipe pile during driving, 
assessing the feasibility of driving, and the structural integrity of pile in 
particular the pile toe. Thus, it is highly important to have the appropriate 
characterization of the mechanical behavior of rock. The Hoek-Brown (1980, 
1981) yield criterion has been chosen to characterise rock resistance since it 
has been widely accepted for rock.  
 
The Hoek-Brown yield criterion can be identified using four independent 
parameters: the unconfined compressive strength of the intact rock (σci), the 
geological strength index (GSI), the disturbance factor (D), and the material 
parameter (mi). The correspondent yield surface is a relationship between the 
major principal stress and the minor principal stress (Equ.  2-17). Based on 
this formulation, the intermediate principal stress has no influence on the yield 
surface. However, much evidence has indicated that the intermediate principal 
stress does influence the rock strength in many instances. Therefore, 
researchers have developed three-dimensional (3D) versions of the Hoek–
Brown strength criterion. Priest (2005) developed a 3D version of the 
generalized Hoek–Brown strength criterion (Equ.  2-21). This version has 
been chosen during this research. 
 
ABAQUS, a finite element software has been selected to simulate pipe pile 
driving into rock. This choice is justified by the capacity of this software to 
implement complex problems such as soil or rock structures interactions, large 
deformation, failure, and damage. But, it should be noted that the Hoek-Brown 
Yield criterion is not available as a material in the ABAQUS material library.  
To overcome this problem, the power form of the Extended Drucker-Prager 
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yield criterion has been chosen to emulate the mechanical behaviour of a rock 
governed by the Hoek-Brown yield criterion. 
From the point of view of numerical material modelling, the proposed 
approach for approximating H-B yield criterion by the EDP yield criterion 
leads to a good modelling of rocks masses for both ABAQUS/Implicit and 
/Explicit. 
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3 Analytical solution for static pipe pile 
penetration into rock 
 
3.1 Elastic pipe pile subjected to non-axial static loading 
3.1.1 Introduction 
The problem of pipe pile subjected to dynamic non-axial loading is 
complicated by the potential for local phenomena such as buckling. At an 
initial stage, an attempt is made to solve this problem for the case of non-axial 
static loading. In order to assess stress distribution in the pile, first, the 
problem is simplified by searching a periodic static solution based on Airy 
stress theory. (Cf. Figure 3-1). Once the closed form solution for the case of a 
tube (pipe pile) subjected to a periodic axial loading is determined, a general 
solution is obtained based on the superposition principle and Fourier series 
development. 
3.1.2 Non axial static pile loading: analytical approach 
Many theories have been developed to analyse the mechanical behaviour of 
thin walled structures such as our reference case (D=1.83 m, t=50.8mm). To 
overcome the complexity of an exact theory based on shell theory, 
assumptions are made to produce simpler theories of which membrane theory 
is the most appealing. Because of its simplicity, membrane theory gives a 
direct insight into the structural behaviour and the order of magnitude of the 
expected response without elaborate computations. Membrane theory is thus 
very useful for initial design and analysis. The basic assumption of membrane 
theory is that a thin shell produces a pure membrane stress field, and that no 
bending stresses occur. Normal stresses σxx and σyy, and a shear stress τxy are 
uniformly distributed through the thickness. 
3.1.2.1 Geometry of the problem 
For a circular cylindrical membrane, it is convenient to apply a polar 
coordinate system to the cross-sectional profile as illustrated in Figure 3-1. 
The axes are chosen in the longitudinal, circumferential and radial directions. 
The geometry of the problem is a hollow thin cylinder of radius Rp, length Lp 
and thickness tp. A cylindrical coordinate system is adopted where axis “Z” is 
the axis of the cylinder and θ represents the angular position (azimuth). 
 34 
 
 
Figure 3-1  Cylindrical membrane subjected to one edge periodic longitudinal tension 
3.1.2.2 Materials, boundary conditions, and resolution 
The cylinder is assumed to consist of an isotropic and elastic membrane. 
Elasticity parameters are summarized by Young’s modulus (ESteel) and 
Poisson’s ratio (νSteel). The cylinder is subjected to one edge periodic loading 
(see Figure 3-1). The loading in terms of applied axial stress [kPa] has the 
following expression: 
    .cos. nPP head  Equ.  3-1 
where Phead is the amplitude of the applied pressure and “n” is the angular 
frequency 
The Hook’s law applied in a cylindrical coordinate system allows linking the 
strain to the stress by the three following equations. The out of plane stress 
(σrr) is zero since the problem is considered as a plane stress problem (very 
thin tube). 
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By neglecting the out of membrane displacement (ur=0, tubular pile is 
modeled by cylindrical membrane) and also thermal strain, the static 
equilibrium can be written as follows: 
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To solve analytically the problem, an Airy stress function, ψ (z, θ), is 
introduced. The Airy stress function allows expressing the stress field as 
follows: 
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By substituting Equ.  3-4 into equation Equ.  3-3, we obtain the following 
partial differential equation in terms of ψ(z,θ): 
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The separation of variables principle is used in order to solve the Equ.  3-5. 
Then, the Airy stress function is assumed to have the following expression: 
 
      gzfz .,   Equ.  3-6 
Concerning boundary conditions, the membrane is subjected to an axial 
periodic load. Then, boundary conditions are depicted by the following 
expression: 
 
    nPz Headzz cos.,0     0,   Lzzz  
Equ.  3-7   0,0   z    0,   Lz  
  0,0    zz    0,    Lzz  
 
After solving the partial differential Equ.  3-5, the Airy stress function is 
depicted in the following expression: 
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Equ.  3-8 
where λ =
𝑛
𝑅𝑝
 (λ is the wave number) 
Functions f1 and f2 are used to simplify the above expression. They are defined 
in terms of Poisson’s ratio (ν) and angular frequency (n) as follows: 
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Equ.  3-9 
C is an integration constant which depends on boundary conditions: 
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Results of this analytical approach are given in terms of axial stresses (σzz), 
circumferential stresses (σθθ), and shear stresses (zθ). 
 
The axial stress can be expressed by the following expression: 
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Equ.  3-11 
The circumferential stress is expressed as followed: 
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Equ.  3-12 
And finally, shear stress has the next expression: 
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Equ.  3-13 
3.1.2.3 Comparison with plane strain solution 
In order to assess the proposed solution based on the membrane theory, a 
comparison with a plane strain solution is made. The plane strain solution has 
been developed by Yamamoto (1978) in order to calculate wave induced 
stresses in submarine soil. Axial stress (σzz), longitudinal stress (σxx), and shear 
stress (τxz)  are given by the following equations: 
 
       
    zzePzx zheadzz 
   1.cos.,
 
         
    zxePzx zheadxx 
   1.cos..,
 
   xezPzx zheadxz 
 sin....,   
Equ.  3-14 
Figure 3-1, Figure 3-2, and Figure 3-3 show respectively the axial stresses, 
circumferential stresses, and shear stresses, as normalized by the amplitude 
Phead of the periodic loading for the following case: R=0.915m, L=50m, n=1. 
Both of analytical solutions coincide when the Poisson’s ratio is equal to zero 
(ν=0). 
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                                (a)                                (b) 
Figure 3-2  Axial normalized stresses distribution: (a) membrane theory; (b) plane 
strain theory 
 
 
  
(a) (b) 
Figure 3-3  Circumferential normalized stresses distribution: (a) membrane theory, (b) 
plane strain theory 
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(a) (b) 
Figure 3-4  Shear normalized stresses distribution: (a) membrane theory, (b) plane 
strain theory 
3.1.3 General solution: Fourier series superposition  
3.1.3.1 Fourier series superposition  
In order to obtain a solution for a cylindrical membrane subjected to general 
loading, a Fourier series technique will be used, and specially a cosine series. 
Then, using the superposition principle, the general solution is obtained. 
This paragraph aims to approximate a uniform load distributed over part of 
the circumference of a tubular pile (see Figure 3-5) by a series of cosine 
functions.  
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Figure 3-5  Pipe pile loading 
Generally, Fourier coefficients are calculated for a continuous periodic 
function f of a variable x on the interval [0, L] using Equ.  3-15. 
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Then, f can be approximated as a function for an infinite cosine series as 
follows: 
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In practice, the use of a finite number (N) of cosine terms is sufficient to obtain 
a good approximation of f. 
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 Equ.  3-17 
Figure 3-6 shows axial stresses at the pile head level which are compatible 
with boundary conditions consisting in applying partially distributed load. 
 
Figure 3-6  Normalized axial stresses at the pile head level 
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3.1.3.2 Comparison with Boussinesq solution 
The following figure shows a comparison between the proposed analytical 
solution applied on cylindrical membranes and subjected to strip loading (see 
Figure 3-5) and the plane strain Boussinesq solution. By increasing four times 
the radius of the pipe pile and using a Poisson’s ratio equal to zero (ν=0), the 
two methods provide closer results as shown in Figure 3-7. 
 
 
Figure 3-7  Comparison between membrane solution and Boussinesq plane strain 
solution  
 
This approach presents a simple calculation tool to assess static stresses in 
tubular pile under different configuration of loadings. 
3.2 Pile penetration into plastifying rock 
3.2.1 Introduction 
Cavity expansion approximations are often used to study penetration 
phenomena. This approach has several applications in geotechnical 
engineering such as the stability of circular tunnels and the penetration of piles 
during installation. 
The prediction of toe and shaft resistance of piles during driving in soils 
remains a challenging geotechnical problem because pile installation involves 
large strains. Many authors e.g. Vesic (1972), Carter et al (1986), and 
Randolph et al (1994) have modelled the behavior of driven piles in soils using 
on cavity expansion theory. 
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Tunnelling in rock has stimulated other analytical studies: Carranza-Torres 
(1998) derived an analytical solution for a Tresca yield criterion; Wang et Yin 
(2011) developed a closed-form solution for spherical cavity collapse in a 
brittle plastic infinite medium where both Mohr-Coulomb and Hoek-Brown 
yield criteria were considered. 
However to our knowledge, no closed-form solution has been developed for 
the expansion of a cylindrical or a spherical cavity in a Hoek-Brown material. 
An original solution has been developed. The solution will be compared to a 
numerical solution and experimental results. 
3.2.2 Cylindrical cavity expansion in Hoek-Brown rock mass 
3.2.2.1 Problem statement 
The wall of an infinitely long cylindrical cavity with radius r0 in a 
homogeneous infinite isotropic rock mass is subjected to an internal pressure 
P. The medium is initially subjected to a hydrostatic stress σ0. The problem 
geometry and boundary conditions are depicted in Figure 3-8 where a 
cylindrical coordinate system is adopted. Because of axial symmetry, the 
problem is reduced to a plane strain problem that can be fully depicted using 
a single radial coordinate ‘r’. 
 
 
Figure 3-8  Cylindrical cavity expansion in rock mass 
3.2.2.2 Analytical expression of yield pressure 
Using a cylindrical coordinate system for axi-symmetrical situations such as 
the expansion of a cylindrical cavity, the major principal stress is the radial 
stress σr while the minor principal stress is the circumferential stress σθ, Equ.  
2-17 becomes: 
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In order to assess the yielding pressure PYield, to be determined is defined as 
the pressure initiating rock failure at the wall of cavity. The elastic response 
of a cylindrical cavity subjected to an internal pressure P is given in terms of 
stresses by the following equations: 
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where σ0 is the horizontal ambient stress.  
It can be noted that the σr and σθ profiles are independent from the elastic 
parameters (E, ν). The yield pressure can be expressed by substituting Equ.  
3-19 and Equ.  3-20 into Equ.  3-18 
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It can be noted also that the yield pressure is independent from the radius of 
the cavity and from any assumed elastic parameters provided the medium is 
homogeneous and isotropic. 
3.2.2.3 Stresses analysis 
Assuming that the radial stress is equal to the applied pressure for r=r0, and is 
equal to the horizontal ambient stress for r=∞, the boundary conditions are 
depicted in Equ.  3-22 
 
  Prrr  0  
  0 rr  
Equ.  3-22 
In the plastic zone, the circumferential stress is expressed as a function of 
radial stress. This relationship is depicted by Equ.  3-18 which leads to the 
following expression. 
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Then, the partial differential equation in terms of σr has the following 
expression: 
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The solution of the above partial differential equation regarding the radial 
distance for the case of α=1/2 can be expressed as follows: 
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Equ.  3-25 
where ω is the Wright Omega function and can be defined as follows:  
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The Lambert W satisfies the following equation: 
 
    zezW zW .  Equ.  3-28 
where  z  rounds the elements of z to the nearest integer by excess. Simply 
put, this function returns the smallest integer greater than or equal to z and C 
is a constant dependent upon boundary conditions (Equ.  3-22).  
When applying an internal pressure equals to P (Equ.  3-22), can be expressed 
as follows: 
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Equ.  3-29 
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Once the radial stress is assessed (Equ.  3-25), the circumferential stress σθ in 
the plastic zone can be deduced based on Equ.  3-23. 
 
Using the hypothesis of continuity of the radial stresses and the expression of 
yielding pressure PYield given by equation, the elastic-plastic interface Rp can 
be explicitly determined by solving the following equation: 
 
  Yieldpr Pr   Equ.  3-30 
Then, the plastic front Rp can be expressed by the following expression 
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Equ.  3-31 
3.2.2.4 Displacement analysis 
 
The radial and circumferential strains are expressed by the following formula:
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ur  Equ.  3-33 
where ur is the radial displacement  
 
Based on the classical theory of plasticity, the total strains are subdivided into 
elastic and plastic components as depicted by the following equations 
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Elastic strains can be expressed by the following equation: 
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In order to evaluate displacements within the plastic zone, a plastic flow rule 
needs to be assumed. Adopting an associated flow rule, we obtain the 
following relationships between plastic strains: 
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Equ.  3-39 
where ψ is the dilatancy angle. 
 
Substituting equations Equ.  3-32 Equ.  3-33, Equ.  3-38 Equ.  3-39, and Equ.  
3-36 into Equ.  3-37 and Equ.  3-34, we obtain the following partial differential 
equation describing the radial displacement. 
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Where g is a function of radial and circumferential stresses and expressed as 
follows: 
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Finally, the radial displacement can be expressed by the following equation: 
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where, rp is the plastic front position given by Equ.  3-31 and urp is the radial 
displacement at plastic front and is expressed by the following expression: 
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3.2.2.5 Numerical validation 
The example selected to validate our closed-form solution allows us to 
compare calculations with experimental results. Since experimental results are 
available from dilatometer tests, the chosen geometry corresponds to that of 
the dilatometer, namely Ф=76.2 mm. 
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3.2.2.5.1 Geometry model 
The geometry (r0=38.1mm) and boundary conditions of the axi-symmetric 
plane strain model for cylindrical cavity expansion problem are shown in 
Figure 3-9.The rock layer is depicted into two zones: the near field zone (up 
to 200 r0) is modeled by continuum finite elements (CAX4) while the far field 
is modeled by continuum infinite elements (CINAX4) since the theoretical 
solution of the cylindrical cavity expansion is based on infinite continuum.  
 
 
Figure 3-9  Numerical modeling of the cylindrical cavity expansion 
3.2.2.5.2 Rock parameters: St-Peter sandstone 
St-Peter sandstone has been selected to perform a comparison between results 
from analytical solution (cylindrical cavity expansion) and numerical 
modelling. The St-Peter sandstone has the H-B parameters listed in table 3-1. 
It is noted that these parameters were estimated using the RockLab software. 
In fact, RockLab allows users to obtain reliable estimates of rock mass 
properties based on the Hoek-Brown failure criterion (Rocklab 1.0 manual) 
 
H-B basic parameters H-B derived parameters EDP parameters 
σci = 52 MPa 
GSI = 40 
mi = 17 
D=0 
ψ=5° 
σc= 1.8 MPa 
σt =0.033 MPa 
mb =2 
s=0.0013 
α=0.5 
a = 0.035 
b = 1.16 
pt =33 kPa 
E=4 GPa 
ν=0.33 
Tab. 3-1 H-B and EDP parameters for St-Peter sandstone 
 derived from Dittes and Labuz (2002) 
Figure 3-10 compares in the p-q plane the yield surfaces for the H-B and the 
EDP yield criteria with experimental results collected for St-Peter Sandstone 
(Dittes and Labuz, 2002) 
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Figure 3-10  Yield criterion in p-q plane for both H-B and EDP 
 
It can be noted that the agreement appears satisfactory over a mean stress (p) 
ranging from -σt to 100.σt. 
3.2.2.5.3 Results 
Yield pressure and plastic front 
 
Figure. 3-11 shows the variation of the radial plastic strain εrp at the cavity 
wall (r=r0) as a function of the pressure applied at the cavity wall. Figure 3-11 
evidences a yield pressure of a 3 MPa which corresponds to that found using 
the analytical approach described by Equation 3-19. It should be recalled that 
the horizontal ambient stress (σ0) during experimental tests performed by 
Dittes and Labuz, 2002 are equal to 1.5 MPa. 
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Figure 3-11  Radial plastic strain at the cavity wall vs. pressure applied at 
the cavity wall (ABAQUS) 
 
Figure 3-11 shows the variation of the plastic front as a function of the applied 
pressure applied at the cavity wall for both analytical and numerical approach. 
 
 
Figure 3-12  Plastic front as function of applied pressure  
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Stresses and strains 
 
Comparison of the numerical results with the proposed analytical solution 
shows that both numerical and the proposed analytical solution give the same 
results in terms of radial and circumferential stresses (Figure 3-14) and strains 
(Figure 3-13). 
 
 
Figure 3-13  Comparison of radial and circumferential stresses 
 
Figure 3-14  Comparison of radial and circumferential strains 
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3.2.2.6 Experimental validation 
3.2.2.6.1 Comparison with pressuremeter tests performed in St-Peter 
sandstone 
Results of in situ pressuremeter tests performed in St. Peter sandstone using a 
probe having a diameter 76.2 mm and a length of 984 mm have also been 
reported by Dittes and Labuz (2002). Figure 3-15 shows a comparison 
between their experimental pressuremeter test results and the numerical 
modeling of the expansion of the PMT cylindrical cavity in an EDP rock mass. 
The simulated P-εθ curve closely matches the experimental data points.  
 
 
Figure 3-15 Comparison between pressuremeter tests and closed-form 
solution 
3.2.2.6.2 Comparison with Pressiorama® representation 
Within the same framework, and in order to assess the validity of the proposed 
numerical model, an attempt is made to portray the evolution of the limit 
pressure and of the pressuremeter modulus within the Pressiorama® 
representation. To that end, gneiss is selected to explore a range of limit 
pressures rarely reached in addition to St-Peter sandstone. In the case of non-
disturbed rock (D=0), the weathering stage is mainly described by the value 
of the geotechnical strength index (GSI). Then, only the GSI will be varied in 
the case of weathered gneiss. H-B and EDP parameters for completely 
weathered gneiss (CW), highly weathered gneiss (HW), and moderately 
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weathered gneiss (MW) are depicted respectively in Table 3-2, Table 3-3, and 
Table 3-4. It is noted that the H-B parameters of the weathered gneiss have 
been also estimated using the RockLab software. 
 
 
H-B basic parameters H-B derived parameters EDP parameters 
σci = 48 MPa 
GSI = 10 
mi = 28 
D=0 
ψ=0° 
σc= 0.35 MPa 
σt =2 kPa 
mb =1.12 
s=0.454 10-4 
α=0.5 
a = 0.450 
b = 1.021 
pt =2 kPa 
E=700 MPa 
ν=0.2 
Tab. 3-2 H-B and EDP parameters for completely weathered gneiss (CW) 
H-B basic parameters H-B derived parameters EDP parameters 
σci = 48 MPa 
GSI = 20 
mi = 28 
D=0 
ψ=0° 
σc= 0.61 MPa 
σt =4.11 kPa 
mb =1.6 
s=1.38 10-4 
α=0.5 
a = 0.430 
b = 1.023 
pt =4.11 kPa 
E=1200 MPa 
ν=0.2 
Tab. 3-3 H-B and EDP parameters for highly weathered gneiss (HW) 
H-B basic parameters H-B derived parameters EDP parameters 
σci = 48 MPa 
GSI = 30 
mi = 28 
D=0 
ψ=0° 
σc= 1.06 MPa 
σt =8.75 kPa 
mb =2.3 
s=4.18 10-4 
α=0.5 
a = 0.407 
b = 1.027 
pt =8.75 kPa 
E=2000 MPa 
ν=0.2 
Tab. 3-4 H-B and EDP parameters for moderately weathered gneiss 
(MW) 
Figure 3-16, Figure 3-17, Figure 3-18, Figure 3-19, Figure 3-20, and Figure 
3-21 compare in the p-q plane the yield surfaces for the H-B and the EDP yield 
criteria for gneiss at different weathering stages. 
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Figure 3-16 Yield criterion in p-q plane: 
completely weathered gneiss (GSI=10) 
Figure 3-17 Yield criterion q/p as a function 
of p: completely weathered gneiss (GSI=10) 
  
  
Figure 3-18 Yield criterion in p-q plane: 
highly weathered gneiss (GSI=20) 
Figure 3-19 Yield criterion q/p as a function 
of p: highly weathered gneiss (GSI=20) 
  
  
Figure 3-20 Yield criterion in p-q plane: 
moderately weathered gneiss (GSI=30) 
Figure 3-21 Yield criterion q/p as a function 
of p: moderately weathered gneiss (GSI=30) 
 
A pressuremeter test was numerically simulated in weathered gneiss using a 
cylindrical cavity expansion model (Figure 3-9). During these simulations, the 
horizontal ambient stress σ0 is equal to 0.25 MPa. Figure 3-22 and Figure 3-23 
show the variation of the normalized probe volume variation as a function of 
the applied pressure for different weathering stages of gneiss. 
 
-0.1 0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8
0
0.2
0.4
0.6
0.8
1
1.2
p [MPa]
q
 [
M
P
a
]
 
 
Gneiss (CW )
Hoek-Brown
Extended Drucker-Prager
H-B parameters
   
ci
=48 MPa
   m
i
=28
   GSI=10
   D=0
EDP parameters
   a=0.45
   b=1.0212
   p
t
=1.936 kPa
Elastic parameters
   E=700 MPa
   =0.2
-0.1 0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8
1.5
2
2.5
3
3.5
4
p [MPa]
q
/p
 [
/]
 
 
Hoek-Brown
Extended Drucker-Prager
Gneiss (CW): GSI=10
EDP parameters
   a=0.45
   b=1.021
   p
t
=2 kPa
Elastic parameters
   E=700 MPa
   =0.2
C
B
0 0.2 0.4 0.6 0.8 1 1.2 1.4
0
0.5
1
1.5
2
2.5
p [MPa]
q
 [
M
P
a
]
 
 
Hoek-Brown
Extended Drucker-Prager
B
C
Gneiss (HW): GSI=20
EDP parameters
   a=0.430
   b=1.023
   p
t
=4.116 kPa
Elastic parameters
   E=1200 MPa
   =0.2
0 0.2 0.4 0.6 0.8 1 1.2 1.4
1.5
2
2.5
3
3.5
4
4.5
5
5.5
p [MPa]
q
/p
 [
/]
 
 
Hoek-Brown
Extended Drucker-Prager
B
C
Gneiss (HW): GSI=20
EDP parameters
   a=0.430
   b=1.023
   p
t
=4.116 kPa
Elastic parameters
   E=1200 MPa
   =0.2
0.5 1 1.5 2 2.5
0.5
1
1.5
2
2.5
3
3.5
4
p [MPa]
q
 [
M
P
a
]
 
 
Hoek-Brown
Extended Drucker-Prager
B
C
Gneiss (MW): GSI=30
EDP parameters
   a=0.408
   b=1.027
   p
t
=8.75 kPa
Elastic parameters
   E=2000 MPa
   =0.2
0 0.5 1 1.5 2 2.5
1
2
3
4
5
6
7
8
9
10
p [MPa]
q
/p
 [
/]
 
 
Hoek-Brown
Extended Drucker-Prager
CB
Gneiss (MW): GSI=30
EDP parameters
   a=0.408
   b=1.027
   p
t
=8.75 kPa
Elastic parameters
   E=2000 MPa
   =0.2
 54 
 
 
Figure 3-22 Normalized probe volume variation as a function of the applied pressure for 
weathered gneiss 
 
 
Figure 3-23 Small strains normalized probe volume variation as a function of the 
applied pressure for weathered gneiss  
0 5 10 15 20 25 30
0
0.2
0.4
0.6
0.8
1
1.2
1.4
1.6
Pressure [MPa]

V
/V
0
 
 
Completely weathered gneiss: GSI=10
Highly weathered gneiss: GSI=20
Moderately weathered gneiss: GSI=30
13 MPa

0
=0.25 MPa
17 MPa
22.4 MPa
0 0.5 1 1.5 2
0
1
2
3
4
5
6
x 10
-3
 
 
Pressure [MPa]

V
/V
0
Completely weathered gneiss: GSI=10
Highly weathered gneiss: GSI=20
Moderately weathered gneiss: GSI=30
E
m
=700 MPa
E
m
=1200 MPa

0
=0.25 MPa
E
m
=2000 MPa
 55 
 
By definition, the limit pressure (PL) corresponds to the limiting sate of failure 
of the soil/rock subjected to an increasing pressure applied on the wall of the 
cylindrical cavity. PL is usually not obtained by direct measurement during the 
pressuremeter test due to the limitation in the probe expansion. For this reason, 
the limit pressure is defined as the pressure at which the cavity has doubled its 
volume (ΔV/V0=1).  
Table 3-5 summarizes numerical results for pressuremeter tests using 
cylindrical cavity expansion performed in weathered gneiss and in St-Peter 
sandstone 
 
Rock PYield 
[MPa] 
EM  
[MPa] 
PL   
[MPa] 
EM/PL 
Completely weathered gneiss (CW) 0.5 700 13 54 
Highly weathered gneiss (HW) 0.5 1200 17 71 
Moderately weathered gneiss (MW) 0.5 2000 22.4 89 
St-Peter sandstone 3.1 400 57.3 70 
Tab. 3-5 Summary of numerical results for pressuremeter tests 
The above results (Table. 3-5) are included in the Pressiorama® 
representation. Figure 3-24 shows that numerical simulations based on the 
cylindrical cavity expansion theory give acceptable results in terms 
pressuremeter modulus (EM) and limit pressure (PM) for gneiss at different 
weathering stages and for St-Peter sandstone.  
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1  Weathered granite, Bologne, Italia [8] 
2   Liassic marls, Burgundy [8] 
3  Weathered gneiss, Limoges [8] 
4  Fontainebleau stampian sandston, Saulx-les-
Chartreux 
5  Beauce obligocene limestone, Ronceveau 
6  Gneiss at different weathering stages, Limoges 
14 Completely weathered Gneiss [GSI=10] 
15 Highly weathered Gneiss [GSI=20] 
16 Moderately weathered Gneiss [GSI=30] 
17  St-Peter sandstone 
7  Ypresian clay, Merville French 
government         experimental site, 
[Baud ISP vol.2 pp549-560] 
8  Ypresian clay, Triel-sur-Seine 
9  Sand and gravels, Cairo 
10  Champigny eocene marly 
Limestone, Paris Basin 
11  Typical pile concrete [E=30 
GPa} 
12  Typical pile steel [E=200 GPa] 
13  Tangstone [E=400 GPa] 
Figure 3-24  Pressiorama® [Em/PLM, PLM] spectral diagram ranging from soils to 
rocks (after Baud et Gambin 2013) 
3.2.3 Spherical cavity expansion in Hoek-Brown rock mass 
3.2.3.1 Equilibrium for spherical cavity  
Let’s assume an expansion of spherical cavity in an infinite rock medium. The 
rock is considered as an elastic-plastic medium. The plasticity of the rock is 
described by the Hoek-Brown yield criterion. Similarly to the cylindrical 
cavity expansion, the radial stress is the major principal stress while the 
circumferential stress represents the minor principal stress (σr= σ1 and σθ= σ3).  
Assuming that the radial stress is equal to the applied pressure for r=r0, and is 
equal to the ambient horizontal stress at infinity, the boundary conditions are 
depicted in Equ.  3-44. 
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  Prrr  0  
  0 rr  
Equ.  3-44 
 
where P: is the pressure applied at the cavity wall. 
 
The problem geometry of the spherical cavity expansion and boundary 
conditions are depicted in Figure 3-25. 
 
Figure 3-25  Spherical cavity expansion in infinite rock medium 
 
The equilibrium can be described through the Equ.  3-45: 
 
02 




rr
rr   Equ.  3-45 
3.2.3.2 Spherical cavity expansion: stress analysis 
Initially, the rock medium is supposed to be in an elastic state and subjected 
to a hydrostatic stress σ0. Then, the elastic solution due to spherical cavity 
expansion subjected to internal pressure P is described by Lame’s solutions 
(Sharan, 2003). 
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P   
Equ.  3-46 
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Let’s call PYield the pressure that initiates material yielding. We expect PYield to 
be directly related to the material yield criterion. In the case of Hoek-Brown 
criterion (assuming α=1/2 as discussed in Section 2.4.1), and by using 
equations (Equ.  2-17, 3.42), the maximum stress is depicted by the following 
equations.  
 

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

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
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ci
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ci
Yield msmmP
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
 020 3636
9
 Equ.  3-47 
Inside the plastic zone, the stresses are controlled by the yield criterion.  Then, 
and in order to solve the Equ.  3-45, it is appropriate to express the 
circumferential stress as a function of radial stress as follows 
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3-48 
Then, the partial differential equation in terms of σr has the following 
expression: 
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 Equ.  3-49 
Then the solution in terms of radial stresses is given by the following equation: 
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where C is an integration constant defined by boundary conditions and can be 
defined as follows: 
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Once the radial stress is assessed (Equ.  3-50), the circumferential stress σθ in 
the plastic zone can be deduced based on Equ.  3-48. 
Using the hypothesis of continuity of the radial stresses and the expression of 
yielding pressure PYield given by equation (Equ.  3-47), the elastic-plastic 
interface can be determined by calculating Rp. which satisfies the following 
relationship: 
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Equ.  3-52 
The resolution of the above equation allows us to obtain an explicit expression 
for the plastic front Rp: 
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Equ.  3-53 
3.2.3.3 Spherical cavity expansion: displacements analysis 
To evaluate displacements and strains within the plastic zone, a similar 
approach to that used for the cylindrical cavity expansion is used. For this 
purpose we are adopting an associated flow rule and we obtain the following 
relationships between plastic strains: 
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Elastic strains can be expressed by the following equation: 
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Equ.  3-56 
We obtain the following partial differential equation describing the radial 
displacement: 
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Then, radial displacement can be expressed by the following equation: 
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where, Rp is the plastic front position (interface between the elastic and plastic 
zones) and usrp is the radial displacement at plastic front and is expressed by 
the following expression: 
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3.2.3.4 Results: case of a very poor quality rock 
During this analysis, a very poor rock mass quality has been considered. 
Mechanical properties of this rock correspond of those of schist formation and 
are depicted in Table 3-6 (E. Hoek and E.T. Brown, 1997).  
 
Parameter Symbol Units Value 
Intact unconfined compressive strength  σci [MPa] 8 
Hoek Brown constant  mi [-] 9.6 
Hoek Brown constant  α [-] 0.5 
Geological strength index  GSI [-] 20 
Disturbance factor  D [-] 0 
Elasticity modulus  Er [MPa] 450 
Poisson ‘s ratio  ν [-] 0.3 
Tab. 3-6 Very poor quality rock mass parameters 
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Figure 3-26  Yield surfaces for poor quality schist rock 
3.2.3.4.1 Stresses 
Figure. 3-27 shows the variation of the radial and the circumferential stresses 
as function of the radial distance normalized by the initial spherical cavity 
radius (r0) for an applied pressure P=1.5 MPa (P=10 Pyield) and for an ambient 
stress σ0=80 kPa. The value of ambient stress is equivalent to the mean stress 
in soil/rock subjected to 100kPa of vertical geostatic stresses and having a 
lateral earth coefficient k0=0.68 (σ0= σv.(1+2.k0)/3) while the initial cavity 
radius r0=0.5mm. This choice is justified by the comparison with numerical 
results for cone penetration which will be held later in Section 4.4.2.2. 
 
 
Figure 3-27  Spherical cavity expansion: radial and circumferential stresses (poor 
quality schist rock) 
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3.2.3.4.2 Displacement 
Figure. 3-28 shows the variation of the applied pressure P as function of the 
normalized radial displacement of the spherical cavity wall Ur (r=r0).  
 
Figure 3-28  Spherical cavity expansion: applied pressure as a function of radial 
displacement of the cavity wall (poor quality schist rock) 
 
This applied pressure vs. radial displacement curve can be fitted by a rational 
interpolation as follows: 
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Equ.  3-61 
where p1=22.7 MPa, p2=49010 MPa, and q1=3980. 
 
Based on Figure. 3-28, the limit pressure (PL), corresponding to an infinite 
radial displacement of the cavity wall, can be estimated by 22.7 MPa 
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3.2.4 Conclusions 
An original analytical solution for a pipe pile subjected to periodic static 
loading has been developed. This solution is based on the Airy stress function 
and the membrane theory. The developed solution was then extended using 
Fourier series. Stresses in tubes subjected to non-axial static loading were 
therefore analytically determined. To validate this solution, a particular case 
of strip loading was considered and compared to the Boussinesq’s solution.  
An analytical solution for cylindrical and spherical cavity expansion problems 
in rock masses has been developed. Two yield criteria were considered for the 
rock mass, i.e. the Hoek-Brown yield criterion and Extended Drucker-Prager 
yield criterion. 
 
Two original closed-form analytical solutions for a cylindrical and a spherical 
cavity expansion in a rock governed by a particular case of the Hoek-Brown 
yield criterion have been developed. The developed solutions were based on 
the Lambert function. The solution for the cylindrical cavity has been 
numerically validated while the solution for the spherical cavity will be 
compared in the following chapter with numerical simulations of cone 
penetration in rock.  
Numerical modeling of a cylindrical cavity expansion in a rock mass using the 
EDP criterion was performed. The numerical simulation and the analytical 
solution gave the same results in terms of yield pressure, plastic front, stresses, 
and strains. 
 
The proposed analytical solution is efficient compared to the numerical 
modeling since the latter requires specific simulations to solve each 
cylindrical cavity expansion problem in a given rock mass. Spherical cavity 
solution are compared in Chapter 4 to results given by numerical results for 
quasi-static cone penetration into poor quality rock. 
 
  
 
 
 
 
 
 64 
 
 
 
4 Numerical modelling of (quasi)-static cone 
penetration into sand and rock 
 
 
4.1 Introduction 
The Cone Penetration Test (CPT) is widely used in geotechnical site 
investigations. Essentially, the test consists in pushing a penetrometer with a 
standard geometry (cylindrical with a diameter of 36 mm and a conical point 
with an apex angle of 60°) into a soil deposit at a rate of 20 mm/s. During this 
test, the cone tip resistance qc, the sleeve side friction fs, and the pore pressure 
are monitored continuously.  
Many correlations have been developed between qc and soil properties or 
design values for various geotechnical structures (e.g. the end bearing 
resistance of piles). In order to maximize the usefulness of the CPT and refine 
correlations, a number of analytical approaches have been developed to model 
cone penetration. Janbu and Sennesset (1974), Houlsby and Wroth (1982) and 
others have considered the problem as analogous to the limit equilibrium 
problem of the bearing capacity of a circular footing. Bishop et al. (1945) 
introduced limit pressure solutions for cavity expansion and this has been 
applied widely to model the penetration resistance of piles and penetrometers 
(Vesic 1972), Yu et al. (1996) and Salgado et al. (1997). Yu and Mitchell 
(1998) noted that since the effects of soil compressibility and stress changes 
along the pile shaft caused by pile installation were ignored, the method had 
limited application. 
This chapter presents a numerical study of quasi-static cone penetration into 
sand and rock. The main objective of this study is to assess the validity of the 
zipper technique to simulate penetration problems. To this end, a parametric 
study is performed for sand. For rock, results are compared with those 
provided by the spherical cavity expansion method developed in Chapter 3. 
4.2 Numerical modelling 
A finite element model has been developed to study cone penetration in 
normally consolidated sand and in rock. An explicit scheme has been used to 
solve equilibrium equations. To avoid element distortion during penetration, 
a specific technique called “Zipper-type technique” (Grabe and Henke, 2008) 
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is used in addition to the Arbitrary Lagrangian Eulerian (ALE) formulation. 
A frictional contact interface utilizing the classical Coulomb model has been 
chosen to represent interactions between the surface of the cone and sand or 
rock. 
4.2.1 Explicit numerical solution 
The explicit algorithm has been developed to get away from the inefficiency 
of the implicit solution dominated by large deformations such as penetration 
problems. Rebelo et al. (1992) and Hibbit et al. (1994) have used this explicit 
algorithm to simulate quasi-static problems in metal forming processes. 
Within the same framework, Sun et al. (2000) have also performed a study to 
compare implicit and explicit algorithms for dynamic problems. In the implicit 
solution, the cost of analysis increases much faster than the size of the model 
due to the increasing wave-front size, number of increments, and iterations. 
For complex problems (large deformation, interactions between different 
parts), in which the time increment continuously decreases, the computational 
cost of the implicit technique will dramatically increase and can cause 
divergence. By contrast, the size of the time increment in the explicit 
technique is only dependent on the element dimensions and material 
properties, not on the complexity of the analysis. Thus, the explicit algorithm 
is a suitable technique to simulate cone penetration.  
It is noted that the solution time in the explicit technique is generally not 
affected by complex contact conditions. It is only dependent on element 
dimensions and materials properties. The explicit algorithm rule together with 
the use of diagonal or lumped element mass matrices is used in the explicit 
algorithm to solve dynamic equilibrium equations. The equations are 
integrated using the following explicit central difference integration rule:  
iii utuu  .2/12/1    
2/11 .   iii utuu   
Equ.  4-1 
where i is the time increment number, u the displacement, and Δt the time 
increment. 
The efficiency of the explicit procedure is based on the use of diagonal mass 
matrices. The accelerations at the beginning of the increment can be computed 
by inverting the mass matrix: 
 
 iii IFMu 
 .1  Equ.  4-2 
where M is the diagonal lumped mass matrix, F is the applied load vector, and 
I is the internal force vector.  
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Conditional stability is a requirement of the explicit technique. It is achieved 
by assigning the time-step, Δt, to be less than a critical value based on the 
highest eigenvalue in the system 
max
1

t  Equ.  4-3 
where ωmax is the highest eigenvalue in the system. 
4.2.2 Penetration modelling 
4.2.2.1 Zipper type technique 
Several researchers investigated large deformation problems such as pile 
installation and cone penetration using the finite element method. First 
investigations have been made by Mabsout and Tassoulas (1994) using a 
special zipper-type technique to allow the simulation of discrete hammer 
blows on a pre-bored pile. This technique has been extended by Cudmani 
(2001) to simulate the cone penetration test using an axisymmetric model. 
The zipper type technique consists in the introduction of a symmetrical rigid 
tube with a diameter of 1 mm. This tube allows the separation of the soil (or 
rock) by the creation of a void (the void has the same volume as the tube).  
During penetration, the cone slides along the tube and the soil is separated 
from the tube. In this way, contact between the penetrometer and the 
surrounding soil/rock can be established (Figure 4-1). Initially, the soil/rock 
is in contact with the rigid tube (RT/S-R contact). Thus, as the soil/rock is 
pierced, the penetrometer takes over the rigid tube and establishes contact with 
the surrounding soil/rock (P/S-R contact),  
where: 
- RT/S-R contact represents contact between the rigid tube external 
surface and the surrounding soil/rock 
- P/S-R contact represents contact between the Penetrometer and the 
surrounding soil/rock 
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Figure 4-1  Cone penetration: zipper type technique 
It is noted that there is no contact between the rigid tube and the cone. 
 
4.2.2.2 Arbitrary Lagrangian Eulerian (ALE) formulation 
Because of the large deformations caused during penetrometer insertion, a re-
meshing technique is required in order to avoid excessive mesh distortion. The 
ALE technique was employed in the analyses described herein. ALE 
technically combines the features of pure Lagrangian analysis and pure 
Eulerian analysis by allowing the mesh to move independently of the material 
and makes it possible to maintain the high quality of the mesh even when very 
large deformation take place. 
4.2.2.3 Contact formulation 
A kinematic contact formulation is used to model the interaction between the 
cone and the surrounding soil (rock). This formulation is based on the master 
slave surfaces principle. During penetration, the cone surface represents the 
master surface while the soil surface is the slave surface. Transfer of shear 
stress between contact surfaces is based on the Coulomb friction model. The 
coefficient of interface friction is assumed to be a function of the internal 
friction angle of sand/rock. 
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Figure 4-2  Contact formulation (after ABAQUS manual) 
During simulation, there was no limitation on the shear stress at the cone 
soil/rock interface since plasticity criterion has been already used. 
4.2.3 Finite element model 
An axisymmetric finite element model based on 4-noded continuum, reduced 
integration, axisymmetric elements, CAX4R, and incorporated in the finite 
element modelling package ABAQUS/Explicit was used to model the soil, the 
rock, and the penetrometer. Far field conditions were modelled by using 
infinite elements of type CINAX4. A uniform axial downward velocity of 20 
mm/s was applied to the elastic steel (Esteel=210 GPa, νsteel=0.29) cone 
constraining it against radial movement due to axi-symmetrical conditions. 
The soil weight and overburden pressure were modelled by considering 
vertical and horizontal initial geostatic stresses. Two different vertical 
overburden stresses were used for the simulations: σv0=5 kPa and σv0=100 kPa 
prevailing at the cone level. The horizontal initial stresses were calculated by 
multiplying the vertical stresses with the at-rest coefficient of lateral earth 
pressure k0. The geometry parameters of the model are depicted in figure 4-3. 
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Figure 4-3   Cone penetration modeling: model geometry and mesh 
 
 
In order to reduce calculation time, the cone is first artificially introduced 
(“wished-in-place”) to an initial depth h0 (h0=σv0/γ’). Then, quasi-static 
penetration of the cone is enforced as shown in Figure 4-3 fulfilling the desired 
vertical stress condition (5 or 100 kPa). 
4.2.4 Mesh smoothing 
The numerical model must accommodate large deformations of soil/rock 
around the probe. In the absence of mesh smoothing, these large deformations 
result in severe element distortion. In order to overcome this problem, the ALE 
mesh smoothing algorithm implemented in ABAQUS/Explicit was used. The 
calculation of the smoothed mesh in Abaqus/Explicit is based on the volume 
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smoothing. The smoothing method are applied at each node in the adaptive 
mesh domain to determine the new location of a given node based on the 
locations of surrounding nodes or elements.  
It is noted that during simulations, only the volume smoothing method was 
used. The volume smoothing relocates a node by computing a volume-
weighted average of the element centers in the elements surrounding the node. 
In Figure 4-4, the new position of node M is determined by a volume-weighted 
average of the positions of the element centers, Ci (i=1, 2, 3, 4) of the four 
surrounding elements. The volume weighting will tend to push the node away 
from a smaller element center (C1) and towards a larger element center (C3), 
thus reducing element distortion. It should be noted that during penetration 
mesh smoothing updates every 10 increments. 
 
 
Figure 4-4  Relocation of a node during a mesh smoothing 
It is noted that, volume smoothing is very robust and is the default method in 
Abaqus/Explicit. It works well for both structured and highly unstructured 
domains. (A structured domain is one that contains no degenerate elements 
and where every node is surrounded by four elements in two dimensions or 
eight elements in three dimensions) 
4.2.5 Assessment of cone and friction resistance 
In order to calculate cone tip resistance qc, the following procedure was used: 
 
 Normal (σi)and shear (τi) contact stresses are calculated for 
each tip element. 
 These stresses are projected on the axial direction “z” 
 The obtained vertical componets are multiplied value by the 
lateral area of elements in order to obtain the vertical force 
applied by the soil to the considered element (See figure 4-5). 
 
     iiiii SF .cos.sin.           
 
Equ.  4-4
 
with α=30° 
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Figure 4-5  Contact stresses applied on cone tip 
 Contact force F applied on the tip: 
 iFF         
 
Equ.  4-5
 
 
 Cone tip resistance qc 
 
S
F
qc          
 
Equ.  4-6
 
 
where S=10 cm2 
The shear resistance acting on the friction sleeve of the CPT is assessed using 
the same methodology, with α=0°. 
4.3 Parameters of sand and rock 
The linear-elastic perfectly plastic Mohr Coulomb (M-C) is used to model the 
mechanical behavior of the sand. Table 4-2 depicts the parameters 
characterizing the three sands selected to provide a parametric study. It is 
noted that the friction angle value for each sand type has been estimated based 
on penetration tests performed in cohesionless soils (Meyerhof, 1956). 
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 Friction 
angle φ 
[°] 
Cohesion 
c [kPa] 
Buoyant 
Density ’ 
[kg/m3] 
Elastic 
modulus 
Es [MPa] 
Poisson’s 
ratio ν [-] 
 
k0 [-] 
Loose 32 0 962 50 0.35 0.470 
Medium-dense 40 0 1062 70 0.35 0.357 
Very dense 48 0 1162 90 0.35 0.257 
Tab.  4-1  Selected parameters of the simulated sands 
A normally consolidated sand with zero dilation angle (ψ=0°) is considered 
where initial stress state is governed by the coefficient of lateral pressure at 
rest k0=1-sin(φ). Concerning the interface friction angle (δ), three values were 
considered during simulations in order to study the influence of this 
parameter: δ=1/3φ, δ=2/3φ, and δ=φ. 
 
It should be recalled that rock parameters are depicted in Table. 3-6 since a 
comparison with results from spherical cavity expansion will be conducted. 
4.4 Results and analysis 
4.4.1 Cone penetration into sand 
4.4.1.1 Cone resistance 
4.4.1.1.1 Influence of the of the interface friction angle between the 
zipper element and the surrounding sand (δzipper-soil) 
According to Grabe et al. (2008), the contact between the zipper element (rigid 
tube) and the surrounding soil (RT/S-R contact see Figure 4-1) is assumed to 
be frictionless (the interface friction angle δZipper-Soil is equal to zero). In order 
to assess the validity of this assumption, two cases are considered: δZipper-
Soil=0° and δZipper-Soil= φ. Figure 4-6 depicts the variation of the cone tip 
resistance as a function of penetration for the case of a very dense sand under 
100 kPa of vertical geostatic stresses. It shows that the interface friction angle 
between the zipper element and the surrounding sand does not significantly 
affect the cone tip resistance. Only a slight increase of qc can be registered for 
the case of  δZipper-Soil= φ. 
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Figure 4-6  Cone tip resistance: Influence of the of the interface friction 
angle between the zipper element and the surrounding sand (δzipper-
sand) 
4.4.1.1.2 Influence of the interface friction angle between 
penetrometer and the surrounding sand (δ) 
In order to assess the influence of the interface friction angle (δ) between the 
penetrometer and the surrounding sand, three cases of cone penetration into 
very dense sand under 100 kPa of geostatic stress have been simulated: δ= 1/3 
φ, δ= 1/2φ, and δ= 2/3φ. Figure 4-7 shows the variation of the cone tip 
resistance qc as a function of penetration. It evidences that penetration needed 
to reach a stationary value of qc is positively correlated to the interface friction 
angle δ. 
 
Figure 4-7  Cone tip resistance: Influence of the of the interface friction 
angle between  the penetrometer and the surrounding sand (δ) 
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4.4.1.1.3 Influence of the internal friction angle of sand (φ) and the 
geostatic vertical stress (σv) 
In order to assess the influence of the internal friction angle (φ) and the 
geostatic vertical stresses (σv) on the cone tip resistance (qc), penetrations are 
simulated into different types of sands. Figure 4-8 and Figure 4-9 show 
respectively the cone tip resistance for 100 kPa and 5 kPa of vertical geostatic 
stresses. The latter value of vertical geostatic stresses (5 kPa) has been tested 
to assess the capability of the numerical model to simulate cone penetration 
under low geostatic stresses states. 
 
Figure 4-8  Cone tip resistance for diffent types of sand under 100 kPa of 
vertical geostatic stress 
 
 
Figure 4-9  Cone tip resistance for diffent types of sand under 5 kPa of 
vertical geostatic stress 
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It obvious that the cone tip resistance is correlated to the sand type. As 
indicated in Figure 4-8, Figure 4-9, qc is highly dependent on the geostatic 
stresses. 
4.4.1.2 Sleeve side friction 
Figure 4-10 depicts the friction ratio expressed in % (sleeve side friction 
normalized by the cone tip resistance: fs/qc [%]) for different types of sands 
under 100 kPa of vertical geostatic stresses.  
 
Figure 4-10  Sleeve side friction for diffent types of sand under 100 
kPa of vertical geostatic stress 
Figure 4-10 shows that the friction ratio of (fs/qc) is higher for the case of loose 
sands (1.2%) than for medium-dense sand (0.3%) and very dense sand 
(0.15%). The dashed line represents the mean value. Results from Figure 4-8 
and Figure 4-10 can be compared to cone penetration tests performed in 
different types of soil as shown in Figure 4.11 (Robertson, 2010) where ISBT 
represents the non-normalized Soil Behaviour Type Index and pa  is the 
atmospheric pressure (pa=0.1 MPa). 
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Zone Soil Behaviour Type (SBT) 
1 Sensitive fine-grained 
2 Clay - organic soil 
3 Clays: clay to silty clay 
4 Silt mixtures: clayey silt & silty clay 
5 Sand mixtures: silty sand to sandy silt 
6 Sands: clean sands to silty sands 
7 Dense sand to gravelly sand 
8 Stiff sand to clayey sand 
9 Stiff fine-grained 
Figure 4-11  Updated non-normalized SBT chart based on dimensionless cone 
resistance, (qc/pa) and friction ration, Rf, showing contours of ISBT 
4.4.1.3 Stresses in sand 
In order to analyze stresses’ distribution into the sand during cone penetration, 
three types of sands under 100 kPa of vertical geostatic stresses are 
considered. Results are presented along different vertical and horizontal paths 
(r=r0, r=2xr0, and r=4xr0) at different simulation time steps. Each step 
corresponds to a particular penetration as shown in Figure 4-12 
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Figure 4-12  Cone penetration at different simulation steps 
 
Figure 4-13 shows the variation of radial stresses during cone penetration into 
a loose sand subjected to 100 kPa of vertical geostatic stresses. Figure 4-13 (a, 
b, and c) depicts radial stresses within vertical paths for respectively r=r0, 
r=2xr0, and r=4xr0 while Figure 4-13-d shows the variation of radial stresses 
as function of the normalized radial distance. 
  
(a) (b) 
  
(c) (d) 
Figure 4-13  Radial stresses during cone penetration into loose sand: (a) r=r0, 
(b) r=2xr0, (c) r=4xr0, (d) as a function of radial distance 
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Figure 4-14 shows the variation of radial stresses during cone penetration into 
a medium-dense sand subjected to 100 kPa of vertical geostatic stresses. 
Figure 4-14 (a, b, and c) depicts radial stresses within vertical paths for 
respectively r=r0, r=2xr0, and r=4xr0 while Figure 4-14-d shows the variation 
of radial stresses as function of the normalized radial distance 
  
(a) (b) 
  
(c) (d) 
Figure 4-14  Radial stresses during cone penetration into medium-dense sand: 
(a) r=r0, (b) r=2xr0, (c) r=4xr0, (d) as a function of radial distance 
 
Figure 4-15 shows the variation of radial stresses during cone penetration into 
a very dense sand subjected to 100 kPa of vertical geostatic stresses. Figure 
4-15 (a, b, and c) depicts radial stresses within vertical paths for respectively 
r=r0, r=2xr0, and r=4xr0 while Figure 4-15-d shows the variation of radial 
stresses as function of the normalized radial distance 
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(a) (b) 
  
(c) (d) 
Figure 4-15  Radial stresses during cone penetration into very dense sand: (a) 
r=r0, (b) r=2xr0, (c) r=4xr0, (d) as a function of radial distance 
4.4.1.4 Volumetric strain during cone penetration into sand (εv) 
During penetration of the penetrometer into sand, volumetric stain (εv= ε11+ 
ε22+ ε33) are calculated. Figure 4-16, Figure 4-17, and Figure 4-18 show 
respectively the variation of the volumetric strain for loose sand, medium-
dense sand, and very dense sand under 100 kPa of vertical geostatic stresses.  
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Figure 4-16 Volumetric strain as a function of normalized radial strain at different 
peneteration levels in a loose sand 
 
Figure 4-17 Volumetric strain as a function of normalized radial strain at different 
peneteration levels in a medium-dense sand 
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Figure 4-18 Volumetric strain as a function of normalized radial strain at different 
peneteration lavels in a very dense sand 
 
4.4.2 Cone penetration into a poor rock mass quality 
4.4.2.1 Cone resistance during penetration into a poor rock mass 
Figure. 4-19 depicts the cone tip resistance as a function of penetration for the 
case of poor quality schist rock subjected to 100 kPa of vertical geostatic 
stress. 
 
Figure 4-19 Cone tip resistance qc vs. normalized penetration for the case 
of poor quality schist rock 
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This applied pressure vs. radial displacement curve can be fitted by a rational 
interpolation as follows: 
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pen
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MPaqc
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

 Equ.  4-7 
where p1=28.5 MPa, p2=2.6 MPa, and q1=1.5. 
Thus the cone tip resistance can be estimated by 28.5 MPa. 
4.4.2.2 Analogy between cone penetration test and cavity 
expansion 
The analogy between cavity expansion and cone penetration was first pointed 
out by Bishop et al. (1945) after observing that the pressure required to 
produce a deep hole in an elastic-plastic medium was proportional to that 
necessary to expand a cavity of the same volume under the same conditions. 
As concluded by Yu and Mitchell (1998) in the review of the methods for 
analysis of cone resistance, the cavity expansion approach provides a more 
accurate prediction regarding the bearing capacity theory. Two steps have to 
be followed to predict the cone resistance using a cavity expansion approach: 
- Develop analytically or numerically the limit pressure solution for the 
cavity expansion in the considered medium (poor rock mass quality). 
- Define the relationship between the limit pressure PL of the cavity 
expansion and the cone resistance qc.  
 
Many correlations have been developed to assess cone resistance from cavity 
limit pressure. Ladanyi and Johnson (1974) have assumed that the normal 
stress acting on cone faces is equal to that required to expend a spherical cavity 
(Figure 4-20) 
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Figure 4-20  Analogy between the cone resistance and spherical cavity expansion 
pressure limit 
 
Based on this assumption, the cone resistance qc can be expressed as function 
of limit pressure PL, cone tip angle α, and interface friction angle δ as follows: 
 
      
 2tan
1
1.cos.tansin.

  Lc Pq         
 
Equ.  4-8
 
where PL is equal to 22.7 MPa (cf. Figure 3-28). 
Using Equation. 4-8, we obtain a value of 31 MPa for the cone resistance. This 
value is acceptable regarding the value given by numerical results (28.5 MPa). 
4.5 Conclusion 
A finite axisymmetric element model has been developed to model cone 
penetration in sand and in rock based on the zipper type technique in order to 
study the influence of the internal friction angle, the interface angle, and the 
overburden stresses on both the cone tip resistance and sleeve friction.  
 
In order to avoid element distortion during the penetration of the cone, the 
volume smoothing method has been used. Figure 4-21 evidences that the 
volume smoothing method maintains a high quality mesh and avoids 
numerical problems that would otherwise develop due to high distortion of 
soil elements surrounding the cone tip. 
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Figure 4-21 Volume smoothing method efficiency: (a) initial mesh; (b) 
volume smoothing method; (c) no volume smoothing method 
Sand was modelled using the Mohr-Coulomb yield criterion while the rock 
was modelled using the power form of the Extended Drucker–Prager yield 
criterion. Coulomb friction was chosen for the interface constitutive law 
between penetrometer and surrounding sand or rock. The proposed finite 
element model was successfully able to simulate cone penetration into sand 
and rock. 
 
Our numerical results show that the cone tip resistance qc penetration curves 
suggest that dense sand requires greater normalized penetration to reach its 
steady state. 
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5 Numerical modelling of pipe pile impact 
driving into rock 
5.1 Reference case 
5.1.1 The pipe pile geometry parameters 
The reference case consists in a pipe pile typically used as foundation for a 
jacket structure to support an offshore wind turbine of 10 Megawatts of rated 
capacity. The configuration of the problem is shown in Figure 5-1.  
 
 
Figure 5-1  Geometrical parameters of the problem: (a) Final position, (b) Installation 
The dimensional parameters of the pipe pile and installation requirements are 
depicted in Table. 5-1. 
Symbol Designation Value 
Dp Outer diameter  1.83 [m] 
tp Tube thickness  50.8 [mm] 
Dp/tp Diameter to thickness ratio 36 
hs Penetration into soil 
20 m 
40 m 
tr Rock layer thickness ∞ 
Tab.  5-1  Geometrical parameters of the pile and soil/rock 
During driving, the pile penetrates into the soil to a depth hs. At this depth, a 
rock layer of a thickness tr is encountered. A several centimeters (hr) of the 
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rock have to be pierced. During numerical simulations, only the case of a rock 
layer of infinite thickness (tr=) has been considered. In addition to that, and 
in order to take in to account non axial effects, the rock layer slope is equal to 
zero only for the case of axi-symmetric penetration. 
5.1.2 Impact loading 
A driving hammer is used to install the pile to the required depth. For this 
situation, a hammer of type IHC S-1200 has been considered. The load 
generated by this hammer on a semi-infinite free pile can be modeled by the 
mathematical equation for the critical damping case (case n°2) with reference 
to Section 2.2.1.3. Figure 5-2 shows the variation of the hammer impulse as a 
function of time. 
 
Figure 5-2  Hammer loading curve (semi-infinite free pile) 
5.2 Pipe pile driving: numerical axisymmetric modelling 
5.2.1 Pipe pile: steel resistance 
In order to assess stresses in the pipe pile during driving, different steel grades 
have been considered. Stress-strain curves were provided by CRM-Group and 
are not presented due to the confidentiality agreement 
 
To assess the validity of the mechanical behavior modelling of the steel, a 
numerical tensile test has been simulated. Figure 5-3 shows the stress-strain 
curve resulting from a numerical tensile test on a S235JR grade steel specimen 
using ABAQUS. Due to confidentiality agreement, the stress and the strain 
are respectively normalized by σConf and εConf. 
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(a) (b) 
Figure 5-3  Mechanical behaviour of the steel: (a) numerical 
simulation; (b) stress-strain curve for S235JR steel 
Figure 5-3-b shows a near-perfect superposition of the numerical curve with 
the experimental one. 
5.2.2 Rock parameters 
During this analysis, two type of rock are considered, namely average quality 
rock and very good quality rock. Mechanical properties of each rock type are 
depicted respectively in Table. 5-2, Table. 5-3 (E. Hoek and E.T. Brown, 
1997). 
 
Parameter Symbol Units Value 
Unconfined compressive strength (intact rock) σci [MPa] 90 
Unconfined compressive strength( rock mass) σc [MPa] 10 
Hoek Brown constant for the intact rock mi [-] 12 
Hoek Brown constant for the intact mass mb [-] 2.87 
Hoek Brown constant  α [-] 0.5 
Geological strength index  GSI [-] 60 
Disturbance factor  D [-] 0 
Hoek Brown constant  s [-] 0.012 
Elasticity modulus  Er [MPa] 15 000 
Poisson ‘s ratio  ν [-] 0.25 
Friction angle φ [°] 33 
Cohesive strength c [MPa] 3.5 
Post failure characteristics (Ribacchi, 2000) 
Hoek Brown constant for the intact mass mbr [-] 1.87 
Cohesive strength sr [-] 4.7 10-4 
Tab.  5-2 Average quality rock simulation parameters 
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Parameter Symbol Units Value 
Unconfined compressive strength (intact rock) σci [MPa] 150 
Unconfined compressive strength( rock mass) σc [MPa] 28 
Hoek Brown constant for the intact rock mi [-] 25 
Hoek Brown constant for the intact mass mb [-] 8.56 
Hoek Brown constant  α [-] 0.5 
Geological strength index  GSI [-] 70 
Disturbance factor  D [-] 0 
Hoek Brown constant  s [-] 0.036 
Elasticity modulus  Er [MPa] 40 000 
Poisson ‘s ratio  ν [-] 0.2 
Friction angle φ' [°] 46 
Cohesive strength c' [MPa] 13 
Post failure characteristics (Ribacchi, 2000) 
Hoek Brown constant for the intact mass mbr [-] 5.56 
Hoek Brown constant for the intact mass sr [-] 0.0014 
Tab.  5-3  Very good quality rock simulation parameters 
 
5.2.3 Simulation of penetration 
Axi-symmetric simulation of pile driving can be performed using a large 
deformation finite element procedure. In order to avoid element distortion 
during penetration, the Zipper-type technique introduced in Section 4.2.2.1 is 
used. The pile can penetrate into the subsoil where a zipper (thin rigid tube 
with a thickness of 1 mm) has been included beforehand into the surrounding 
soil (Henke and Grabe 2008). This tube is in frictionless contact with the 
surrounding soil. During penetration the zipper opens and the pile slides 
within the thin tube which allowing simulating the penetration without 
destroying the finite elements (see Figure 5-5) 
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Figure 5-4  Pile penetration: Zipper-type technique 
For the case of a closed-ended pile, the application of the zipper type technique 
follows the same procedure as the cone penetration test (see Chapter 4) where 
an axi-symmetrical cylindrical void of diameter of 1 mm is created to allow 
the penetration of cone. For the case of an open-ended pile, the use of the 
zipper type technique consists in the creation of a 1 mm thick tubular void 
with average radius Rz (cf. Figure 5-5). In order to determine the most 
appropriate value for Rz, a parametric study has been performed based on 
numerical simulations. Different values of Rz have been: 
 
 Case n°1: 
ppz tRR
4
1
  
 Case n°2: 
ppz tRR
3
1
  
 Case n°3: 
ppz tRR
2
1
  
 Case n°4: 
ppz tRR
3
2
  
 Case n°5: 
ppz tRR
4
3
  
 
The value of Rz is very important during the simulation since it defines the 
portion of soil (rock) penetrating inside and outside the tubular pile as shown 
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in Figure 5-5. Thus, Rz defines the zone where the soil/rock is separated to 
allow the penetration of the pipe pile. 
 
 
Figure 5-5 Soil/rock separation during penetration  
 
The selected value of Rz corresponds to the case where zero radial 
displacement of the pile toe is obtained during simulation (case n°4).   
 
ppz tRR
3
2
         
 
Equ.  5-1
 
    
5.2.4 Soil pile interaction 
The COULOMB friction is used to model shear stress contact between the 
pile and the surrounding pile. The interface friction coefficient =tan(δ) is 
considered where δ is the external angle of friction which characterizes the 
friction between the structure (pile in this case) and the surrounding soil. The 
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value of this angle can be expressed in terms of the friction angle ϕ as shown 
in Table. 5-4 (Salgado, 2008) 
Pile type δ 
Steel 0.85 φ 
Precast concrete  0.95 φ 
Continuous flight auger CFA  φ 
Tab.  5-4 Soil-pile interface friction angle 
The interface friction angle in sand can also be assessed for pipe piles based 
on the mean particle size d50 (Jardine et al 1992) as shown by Figure 5-6 
 
 
Figure 5-6  Interface friction angle in sand as function of mean particle 
size (d50) (after Jardine et al 1992) 
Other researchers (S. Henke et J. Grabe, 2008) proposed to use a friction 
coefficient having the following expressions: 
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




 
3
2
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Equ.  5-2
 
During simulation, the friction coefficient expressed in Equ.  5-2 has been 
considered. 
5.2.5 Soil initial stresses 
Initial effective stresses in soil are depicted into vertical stress σ’v and lateral 
stress σ’h. The relationship between these two parameters is expressed in Equ.  
5-3 
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Equ.  5-3
 
 
where k0 is the coefficient of earth pressure at rest and can be expressed as 
follows. 
 sin10 k         
 
Equ.  5-4
 
Figure 5-7 shows the vertical effective stress and horizontal effective stresses 
in the soil after wishing the pile in: at the starting depth of z=20m. 
 
  
(a) (b) 
Figure 5-7  Initial geostatic stresses: (a) vertical stresses (σ’z), (b) 
horizontal stresses (σ’h) 
5.2.6 Hammer pile interaction 
A driving hammer is used to install the pipe pile to the required depth. For the 
modeled situation, a hammer of hydraulic type IHC S-1200 has been used. 
The load generated by this hammer on a semi-infinite free pile has been 
modeled by the following mathematical equation (Holeyman, 1984): 
 
  tetCtF  ..         
 
Equ.  5-5
 
 
The hammer loading curve described by Equ.  5-5 is used for the case of a 
semi-infinite free pile which represents an idealized case. In order to take into 
consideration this infinite aspect in the present analysis, a set of dashpots are 
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connected at the pile head (C=163MN, α=407.75 s-1) while the applied force 
is double than shown in Figure 5-2 (see Figure 5-8). 
 
 
Figure 5-8  Pile head: loading and impedance condition at the pile head 
The damping parameter of the dashpot is equal to the mechanical impedance 
of the pile Ip which can be expressed by the following equation 
 
pppp EAI .         
 
Equ.  5-6
 
where Ap, Ep, ρp are respectively the cross section area of the pile, the Young’s 
modulus, and the density of the pile (Ip=11.529 MN.s/m). 
5.2.7 Results 
As will be explained later, the zipper type technique has many limitations. 
Thus, only results from penetration into dense sand are presented in this 
section. 
5.2.7.1 Displacement and penetration 
Figure 5-9 and figure 5-10 show respectively the penetration of the pile for 
five hammer blows and for a single hammer blow in the case of penetration 
into dense sand (see Table .5-2). The average penetration per blow is about 4 
cm. The starting depth is equal to 20m. 
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A driving frequency of approx. 14.3 Hz has been used in the numerical 
simulations to reduce computational time while allowing the pile to come 
close to an equilibrium condition before receiving the next blow. 
After each hammer blow, a small rebound of pile is observed. In fact, the shaft 
resistance generated in the dense sand layer limits the rebound of the pile. It 
should be recalled that the rebound presents the upward movement of the pile 
during driving. 
 
 
Figure 5-9  Pile penetration history into dense sand under 5 blows (dense 
sand) 
 
Figure 5-10  Detail of pile penetration history focusing on Blow N°=1 
(dense sand) 
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5.2.7.2 Stresses in the pile 
Figures 5-11 and figure 5-12 show respectively the axial stress at the pile head 
for several hammer blows and for a single blow in the case of penetration into 
dense sand. 
 
Figure 5-11  Axial stresses history under 5 blows at the pile head level 
(dense sand) 
 
Figure 5-12  Axial stresses history under blow N°1 at the pile head level 
(dense sand) 
Figures 5-13 shows Mises stress and the axial stress at the pile toe for single 
hammer blow during penetration into dense sand. 
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Figure 5-13  Toe stress: Blow N°1 (dense sand) 
Figure 5-14 shows the evolution of the sand/rock interface inside and outside 
the pipe pile during penetration. It evidences that pipe pile driving under the 
considered geotechnical and geometry conditions does not represent a pure 
coring behavior. 
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(b) 
 
(c) 
Figure 5-14  Pile plugging during hammering: (a) initial configuration; 
(b) after 3 hammer blows; (c) after 5 hammer blows 
Results from the axisymmetric model based on the zipper type technique 
should be considered only for the following cases: 
 Fully coring behavior of open-ended pipe pile driving. 
 Penetration of open-ended pipe pile into homogenous 
medium. 
 Closed-ended pipe pile penetration 
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Given the limitations of the zipper type technique to simulate pipe pile driving 
into rock layer, a 3D model based on the Coupled Euleurian Lagrangian 
method (CEL) is developed in section 5.3. 
5.3 Coupled Eulerian Lagrangian modelling (3D – CEL) 
5.3.1 Advantage of CEL modelling 
5.3.1.1 Simulation of penetration of the pipe pile during driving 
Using a Coupled Eulerian Lagrangian modeling (CEL) has many advantages 
regarding axisymmetric modeling. On one hand, while using a CEL modeling, 
the “zipper type technique” is avoided when modeling penetration of the pipe 
pile into the soil/rock. It should be recalled that the zipper type technique 
consists in including a thin rigid tube of 1 mm of diameter beforehand into the 
surrounding soil. This tube allows to the pile to slide during hammering (cf. 
Figure 5-4 and Figure 5-5). Thus, CEL method allows a better simulation of 
penetration of pipe pile. On the other hand, during axisymmetric modeling, 
the pile toe has to be rounded in order to avoid elements distortion even when 
using adaptive meshing technique. This problem does not arise at the CEL 
modeling since the mesh of the Eulerian part (in our case the soil/rock) does 
not change per time step. This advantage allows testing many driving shoes 
having different shapes. 
5.3.1.2 Simulation of non-axisymmetric cases of pipe pile driving 
Unlike the axisymmetric modeling, the CEL modeling allows the simulation 
of non-axisymmetric problems such as the case of a slopping rock layer 
(Figure 5-15-a) or even the case of density anomaly in the sub soil (Figure 
5-15-b) 
 
(a) (b) 
Figure 5-15  Non-axisymmetric cases for pipe pile driving: (a) sloping 
rock layer, (b) density anomaly 
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5.3.2 Coupled Eulerian Lagrangian (CEL) 3-D modelling 
5.3.2.1 Lagrangian formulation 
In the Lagrangian formulation, the volume (material) is divided into a large 
number of small geometries called elements. The material is connected to 
mesh nodes by fictive points called Integrations points. As shown by Figure 
5-16-a, and during deformation, the mesh follows the material evolution. This 
formulation is usually used for solid materials. It is noted that the major 
drawback of Lagrangian formulation is that large deformation (such as 
deformation encountered during pipe pile driving in particular penetration 
problems) leads to mesh distortion causing inaccurate results or even error 
termination of the analysis. 
 
 
 
 
Figure 5-16  Material deformation modelling: (a) Lagrangian 
formulation ; (b) Euleurian formulation 
5.3.2.2 Eulerian formulation 
In the Eulerian formulation, the mesh is treated as a control volume. Material 
flows through the Eulerian mesh that remains fixed in the space. Therefore, 
there is no elements’ distortion and there is no need for remeshing (c.f. Figure 
5-16-b). Thus, Eulerian formulation represents an efficient tool to simulate 
large deformation such as penetration. 
 An Eulerian section assignment defines the materials that may be present in 
the mesh over the course of the analysis, and an initial condition specifies 
(a) Lagrangian formulation 
(b) Eulerian formulation 
Initial configuration 
Initial configuration 
Deformed configuration 
Deformed configuration 
 100 
 
which materials are present in each element at the beginning of the analysis 
(an element may be partially filled with a material). In order to reduce 
calculation time, the pipe pile is first artificially introduced (“wished-in-
place”) to the required depth (20 m and 40 m), and then, dynamic hammer 
loading is applied. In order to simulate this situation, a portion of soil is voided 
from material. This zone corresponds to the volume occupied by the pipe pile 
as shown in Figure 5-17. In ABAQUS, only three dimensional Eulerian 
elements are available, namely the EC3D8R which is the Eulerian Continuum 
3D element with reduced integration. 
 
 
Figure 5-17  Soil/rock modeling: Eulerian formulation 
5.3.2.3 Coupled Eulerian-Lagrangian modeling 
The Coupled Eulerian Lagrangian formulation (CEL) is a combination of the 
Lagrangian, and the Eulerian formulation. The approach consists of using the 
benefits of both Lagrangian and Eulerian formulations. Eulerian elements are 
used to discretize the soil/rock since large deformations are potentially 
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registered during driving, while Lagrangian elements are used to discretize the 
pipe pile.  
The Eulerian-Lagrangian contact formulation is based on an enhanced 
immersed boundary method. In this method, the Lagrangian structure 
occupies void regions inside the Eulerian mesh. The contact algorithm 
automatically computes and tracks the interface between the Lagrangian 
structure and the Eulerian materials. A great benefit of this method is that there 
is no need to generate a conforming mesh for the Eulerian domain (No need 
to adapt the Eulerian part mesh).  
A friction property is introduced into a mechanical surface interaction model 
governing the interaction of the contact surfaces. A friction coefficient is a 
function of the friction angle (µ=tan(2φ/3)). 
 
5.3.3 Simulations’ requirements 
5.3.3.1 Absorbing boundary conditions 
In the analysis of stress wave propagation in soils/rock during pile driving, the 
reflection of waves from the far boundary causes significant problems. If, 
these waves bounce back from the boundary, they mix with the progressing 
waves. Thus, the magnitudes of the waves calculated by the FE package 
become inaccurate. 
In order to avoid wave reflections, absorbing boundary conditions are required 
in dynamic soil/rock modeling with infinite domain. Within the framework of 
our axisymmetric model where the soil/rock was modelled using Lagrangian 
elements, absorbing boundary conditions are simulated using infinite elements 
(CAX4). Since Eulerian infinite elements are not available, non-reflecting 
boundary conditions are used. In order to assess the efficiency of this method, 
a dynamic load test was applied on an elastic beam (z=0) of length 100 m as 
shown by Figure 5-18. At the level of the second proximity (z=100 m), non-
reflecting boundary conditions are applied. 
 
 
Figure 5-18  Non-reflecting boundary conditions assessment  
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Figure 5-19 and Figure 5-20 evidence the efficiency of non-reflecting 
boundary conditions in terms of absorbing wave reflections. It is noted that, 
this type of boundary allows material to flow out of the Eulerian region while 
also minimizing the reflection of the compressive wave energy back into the 
region using artificial traction forces.  
 
Figure 5-19  Non-reflecting boundary conditions efficiency 
Figure 5-20 shows that waves at the level of the non-reflecting boundary are 
not perfectly absorbed. A small disturbance is noticeable. 
 
Figure 5-20  Non-reflecting boundary conditions efficiency: energy 
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5.3.3.2 Geometry model, mesh, and boundary conditions 
It is noted that the use of CEL modeling is time consuming. Thus, only a slice 
of 30° is modeled as shown by Figure 5-21 in order to reduce time calculation. 
To do this end, a cylindrical coordinate system (r, θ, z) was considered instead 
of Cartesian coordinate system (x, y, z). This reference change allows the 
application of axisymmetric conditions in terms of displacement and rotation 
(Uθ=0, Rotr=0, Rotz=0). A purely 2-D axisymmetric problem could not be 
simulated since only 3D Eulerian elements are not available under ABAQUS. 
For the case of soil and rock, Eulerian elements are the three-dimensional, 8-
node element EC3D8R. While the pipe pile is modeled using continuum 
elements of type C3D8R (8-node linear brick, reduced integration). In order 
to assess accurately the stress inside the pipe pile during driving, the thickness 
of pile is discretized into four elements (Figure 5-21).  
Boundary conditions at the level of the pile head are similar to those used for 
the case of the axisymmetric model. 
 
 
 
Figure 5-21  CEL model: meshing and boundary conditions  
Before reaching the rock layer (z=20.2m), a set of hammer blows were 
applied. Thus, the tubular pile penetrates first through the sand (20 cm of 
penetration) and then comes into contact with the rock layer. This procedure 
allows having more realistic simulations. 
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5.3.3.3 Geostatic stresses 
During axi-symmetric modelling, where the application of infinite elements 
to avoid wave reflection is possible, geostatic stresses are maintained due to 
the application of the gravity. This technique has not been applicable for the 
case of coupled Eulerian-Lagrangian modelling since Euleurian infinite 
elements are not available. In order to overcome this problems, three attempts 
have been performed:  
- Constrain radial displacement (sand and rock) as shown in Figure 
5-22-a. This procedure has solved the problem in terms of the 
application of geostatic stresses. But, the efficiency of the absorbing 
boundary conditions has been lost.  
- Split the soil/rock into two zones: the inner zone where large 
deformations are potentially encountered is modelled using Euleurian 
elements and the outer zone is modelled using Lagrangian elements. 
Thus, absorbing boundary conditions are applied at the level of the 
interface between the two zones and Lagrangian infinite elements are 
also applied (see Figure 5-22-b). This procedure allows the 
application of geostatic stresses in addition to the absorbing boundary 
conditions. 
- Apply a stress boundary conditions consisting in a radial pressure. 
The applied pressure is equal to the geostatic stress and depends on 
the depth z and the coefficient of earth pressure at rest k0 (Figure 5-22-
c). 
 
   
(a) (b) (c) 
Figure 5-22 Geostatic stresses modelling: (a) Displacement boundary conditions 
procedure; (b) Lagrangian infinite elements; (c) Stress boundary conditions 
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5.3.4 Results 
5.3.4.1 Case of a very good quality rock at depth 20.2 m (steel: 
S235JR) 
Figure 5-24 shows the penetration of the pile for several hammer blows (20 
hammer blows) in the case of a very good quality rock (see Table. 5-3). The 
average penetration per blow in the dense sand is about 4 cm and in the rock 
layer is about 1.93 cm. After each hammer blow, a small rebound of pile is 
observed. In fact, the shaft resistance generated in the dense sand layer limits 
the rebound of the pile. 
 
Figure 5-23  Pile penetration history under 20 blows (Very good quality 
rock) 
5.3.4.1.1 Pile toe stresses 
The estimation of stresses inside the pipe pile during driving is essential. On 
the one hand, the analysis of stresses in particular at the pile toe allows 
assessing the integrity of the pile. On the other hand, the calculation of stresses 
represents a main step to design a driving shoe. Figures 5-25, 5-26, and 5-27 
show respectively the variation of axial stresses and Mises stresses after blow 
n°1, blow n°10, and blow n°20 
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Figure 5-24  Toe stress: Blow N°1 (dense sand) 
 
Figure 5-25  Toe stress: Blow N°10 (Very good quality rock) 
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Figure 5-26  Toe stress: Blow N°20 (Very good quality rock) 
As shown by Figures 5-25, 5-26, and 5-27, Mises stresses increase as the pile 
penetrates through the rock layer. 
5.3.4.1.2 Pile toe integrity: plasticity investigation  
Three positions of the pile toe were assessed: the inner zone, the middle zone 
and the outer zone as shown by figure 5-28: 
 
Figure 5-27  Pile toe: plasticity assessment 
Figures 5-29 and 5-30 show respectively the variation of the equivalent plastic 
strain (PEEQ) at the pile toe after 20 hammer blows, highlighting the moment 
when the pile reached the rock layer. It should be recalled that the PEEQ is a 
scalar measure of all components of plastic strain that can be expressed by: 
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p
ij
p
ijPEEQ  :3
2
         
 
Equ.  5-7
 
where εijp is the plastic strain tensor 
 
Figure. 5-29 evidences that plasticity initiates from the inner zone and 
propagates within the middle zone. Figure. 5-30 shows that higher plastic 
strains first develop at the inner zone and last at the outer zone.  
 
 
Figure 5-28  Equivalent plastic strain at pile toe resulting from 20 
hammer blows (very good quality rock)  
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Figure 5-29  Zoom of equivalent plastic strain at pile toe upon transition 
into the rock layer (very good quality rock) 
Figure 5-31 shows the equivalent plastic strain evolution at the pile toe. After 
20 hammer blows, only 1 meter of the tube from pipe pile toe up is partially 
plasticized. 
 
 
Figure 5-30  Equivalent plastic strain evolution at pile toe (very good 
quality rock) 
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5.3.4.2 Case of a very good quality rock at depth of 20.2 m (Steel: 
S355JR) 
In order to assess the influence of the used steel grade during driving for the 
case of a very good quality rock, numerical simulations were performed using 
S355JR (EN 10025-2). Figure 5-32 shows the variation of the equivalent 
plastic strain (PEEQ) at the pile toe as a function of time. It evidences that 
S355JR steel is able to penetrate the first few centimeters (15 cm) of the rock 
without any plasticization.  
  
 
Figure 5-31  Equivalent plastic strain at pile toe after 20 hammer blows: 
S355JR (very good quality rock) 
 
Figure 5-32 shows also a slightly higher residual penetration compared to the 
case of S235JR steel. 
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5.3.5 Discussion and conclusions  
Numerical analysis to investigate the integrity of offshore pipe pile during 
driving is presented. The installation of an open ended tubular pile with an 
outer diameter D=1.83 m into a rock layer using impact driving is simulated 
by an axi-symmetric model where the zipper type technique has been used to 
simulate penetration. The main objective of this technique is the creation of a 
tubular void about radius Rz. This void separates two zones where the soil/rock 
is either inside or outside the pipe pile. Based on a numerical parametric study, 
it has been found on one hand that Rz=Rt - 2/3 tp achieves a neutral radial 
condition of the pipe pile. On the other hand, the “zipper-type” technique is 
recommended to simulate fully coring penetration of pipe pile undergoing 
driving. 
 
A three dimensional model based on the Coupled Eulerian-Lagrangian 
method (CEL) was implemented using ABAQUS software. This model allows 
simulating pipe pile driving with the presence of a rock layer. Different steel 
grades were considered during numerical simulations mainly S235JR steel 
and S355JR steel. Based on Ribacchi (2000), the post peak behavior of the 
rock was taken into consideration where residual strength after fracturing was 
considered. 
 
An elastic-plastic behavior of the steel was considered during driving. The 
presence of a rock layer (in particular very good quality rock mass), leads to 
yielding at the pile toe. Plastic strains are accumulated after each hammer 
blow. However, other numerical simulations are needed to study the influence 
of the thickness of rock layer. 
 
Pile toe integrity was assessed based mainly on the analysis of the equivalent 
plastic strain (PEEQ). Numerical simulations showed plasticization at the 
level of the pile toe (S235JR) in particular in the case of a very good rock 
layer. Plasticization still remains (but to a smaller extent) even though a higher 
steel grade is used (S355JR).  
 
For the case of axisymmetric configurations where soil/rock reactions are 
assumed to be uniform, the plasticization extends over a 1 m zone above the 
pile toe.  
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6 Pipe pile driving on 1g model 
 
 
6.1 Introduction  
This chapter presents an experimental reduced-scale model allowing the 
simulation of pipe pile driving into a rock layer. This study has been conducted 
with the support from the Walloon Region and Laboratory of mechanical 
testing, structures, and civil engineering (L.E.M.S.C.). This model allows 
portraying stress distribution in the pipe pile during driving in addition to the 
analysis of the pile integrity. At the same time, a numerical modelling of the 
reduced scale model is carried out in order to evaluate this study. The first 
section consists in defining the used materials during experimental 
simulations. The second section itemizes the reduced scale model in terms of 
dimensions, and impact system.  The third section presents the numerical 
model and the fourth section shows results of the reduced scale model. 
6.2 Material selection for the reduced scale experimental 
setup 
Materials used for the reduced scale experimental setup can be split into two 
major classes: materials allowing the simulation of the pipe pile and materials 
to emulate the mechanical behaviour of the rock. 
6.2.1  Material for the pipe pile 
To select a suitable material in terms of mechanical behaviour for the tubular 
pile, different options have been analysed. First, the copper was considered 
since it is characterized by a relative low yield strength regarding the range of 
stresses generated by the driving system (to be explained later). Three copper 
alloys have been short-listed. Their mechanical properties are depicted in 
Table. 6-1. 
Trade name Commercial 
Bronze, 90% 
Red Brass, 
85% 
Admiralty 
Arsenical 
Elastic modulus [GPa] 104 103 100 
Yield strength  [MPa] 66 90 73 
Tensile strength [MPa] 265 278 309 
Tab.  6-1   Mechanical properties for differents copper alloys 
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Unfortunately, the above copper alloys have been abandoned due to the 
unavailability. Second, nylon was considered. In fact, this type of material is 
widely available and it is characterised by the following mechanical 
properties: 
- Elastic modulus: 3.1 GPa 
- Yield strength: 25-49 MPa 
- Tensile strength: 90 MPa 
 
It is noted that mechanical properties of nylon are very sensitive to the 
moisture content. Thus, the idea of using the nylon was withdrawn. Third, 
aluminum and in particular two alloys (Table. 6-2) seemed to be suitable 
material for the pipe pile.  
aluminum alloy 5754-H111 6060-T6 
Elastic modulus [GPa] 70 69.5 
Yield strength  [MPa] 80 160 
Tensile strength [MPa] 240 245 
Tab.  6-2  Mechanical properties for differents alluminium alloys 
Again, the above aluminium alloys were not available. Finally, stainless steel 
has been selected due to its availability. Based on the EN 10204 standard, the 
selected steel tube is characterised by mechanical properties depicted in Table. 
6-3. 
Diameter [mm] 60.3  
Thickness [mm] 1.6 
Yield strength [MPa] 195 - 239 (at plastic strain Rp=0.2%) 
230 - 317 (at plastic strain Rp=1%) 
Tensile Strength [MPa] 500- 740 
Tab.  6-3  Mechanical properties of the used stainless steel given by the 
manufacturer (Travinox) 
In order to properly characterize mechanical properties of the stainless steel, 
uniaxial tensile tests were performed on specimens extracted from one of the 
purchased tubes. Figure 6-1 shows the geometry parameters of the tested 
specimen in addition to the strain-stress (where ε is the true strain) curve for 
the considered steel during tensile test. 
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(a) (b) 
Figure 6-1  Stainless-steel uniaxial tensile test: (a) stainless steel specimen; 
(b) strain-stress curve 
 
It is noted that dimensions of the considered tube (D/t=37) are appropriate 
regarding the reference case announced in Chapter 5 (D/t=36). 
6.2.2 Material for the synthetic rock layer 
During this experimental study, the rock layer is simulated by a concrete 
block. In order to simulate different resistance of rock layer, two types of 
concrete were considered. The first type is a foamed (cellular) concrete. This 
concrete has been used to simulate the mechanical behaviour of a very poor 
rock mass quality since it is characterized by a very low unconfined strength. 
The second type is a laboratory designed concrete. 
6.2.2.1 Very poor rock mass quality 
In order to characterize its mechanical behaviour, the considered foamed 
concrete has been subjected to three types of tests: 
 
Cyclic loading tests (Non-destructive test) 
To characterise foamed concrete in terms of Young’s modulus and Poisson’s 
ratio, two cylindrical specimens of diameter 110 mm and length 220 mm have 
been instrumented by strain gauges in order to measure axial and 
circumferential strain during cyclic tests. Figure 6-2 and Figure 6-3 shows 
respectively the applied stress as function of the axial strain and the 
circumferential strain. 
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Figure 6-2  Cyclic tests on foamed concrete: applied stress vs. axial strain 
 
 
Figure 6-3  Cyclic tests on foamed concrete: applied stress vs. circumferential strain 
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Based on results obtained from cyclic loading, the foamed concrete can be 
characterized by a 1.4 GPa Young’s modulus and a 0.225 of Poisson’s ratio. 
 
Unconfined compressive test (Destructive test) 
Once non-destructive cyclic tests have been performed, cylindrical specimens 
have been subjected to an unconfined compressive test until failure. Figure 
6-4 shows the variation of the applied stress as a function of axial 
displacement (δ). It evidences that the average unconfined compressive 
strength (σc) of the foamed concrete is equal to 3.4 MPa. 
 
Figure 6-4 Unconfined compressive test: axial displacement vs. applied stress 
 
It should be recalled that the tested samples have been subjected to cyclic 
loading before have being subjected to unconfined compressive tests. This 
procedure may reduce the resistance of the sample. Thus, additional 
compressive three tests have been performed on cylindrical specimens without 
being subjected to prior cyclic loading to determine accurately the unconfined 
compressive resistance of the foamed concrete. A value of σc =4.2 MPa was 
obtained. 
 
Uniaxial tensile test (Destructive test) 
Uniaxial tensile tests have been performed on cylindrical specimens taken 
from foamed concrete. Tests showed that unconfined tensile strength (σt) is 
equal to 0.64 MPa.  
In summary, the foamed concrete used to simulate a very poor rock mass 
quality can be characterized by mechanical parameters depicted in Table. 6-4. 
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Parameter Symbol Unit Value 
Unconfined compressive strength  σc [MPa] 4.2 
Unconfined tensile strength σt [MPa] 0.64 
Elastic modulus E [GPa] 1.4 
Poisson’s ratio ν [-] 0.225 
Density  ρ [kg/m3] 700 
Tab.  6-4  Mechanical properties of the foamed concrete used to simulate 
very poor quality rock 
6.2.2.2 Average and very good rock mass quality 
The unconfined compressive strength of the concrete needed to simulate an 
average or a very good rock mass ranges from 10 MPa to 30 MPa. Since this 
range of strength was not readily available, we have decided to manufacture 
concrete blocks in the laboratory. For this end, a mortar with a very fine 
granulometry was mixed with Kaolinite in order to obtain the appropriate 
strength. It is noted that the use of the Kaolinite in the concrete blocks 
preparation allows us to reduce the compressive strength. In fact, the 
unconfined compressive strength of mortar (without Kaolinite) reaches 65 
MPa. Several attempts have been made to determine the proper mix. Two 
mixes have been considered during tests. The first mixture allows to simulate 
average quality rock having a compressive strength ranging from 10 MPa to 
20 MPa. This mix is henceforth called “Weber92” and has the following 
composition: 
 
- Dry mix: 92 % mortar + 8% Kaolinite 
- Water proportion/dry mix=30% 
The mortar is factory produced by weber and comes in 25 kg bags. 
 
The second mixture called “Weber95” allows to simulate good quality rock 
having a compressive strength ranging from 20 MPa to 30 MPa. It has the 
following composition: 
 
- Dry mix: 95 % mortar + 5% Kaolinite 
- Water proportion/dry mix=25% 
In a similar manner as proposed to charaterize the foamed concrete, the 
manufactured concrete blocks (Weber92 and Weber95) have been subjected 
to different types of testing.  
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Unconfined compressive strength evolution (destructive test) 
In order to characterize the evolution of the unconfined compressive strength 
of the manufactured concrete, parallelepiped specimens (40mm x40mm 
x160mm) were cast and subjected to flexion and compression tests in 
compliance with the “EN 196-1:1995” standard. Figure 6-5 and Figure 6-6 
shows the evolution of unconfined compressive strength as a function of time 
for Weber92 and Weber95 mixes respectively. 
 
Figure 6-5  Unconfined compressive strength evolution of the Weber92 mix 
 
Figure 6-6  Unconfined compressive strength evolution of the Weber95 mix 
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Each point from curves depicted in Figure 6-5 and Figure 6-6 corresponds to 
the average of four compressive tests. 
 
Unconfined tensile strength 
An unconfined tensile test was carried out on each mix in order to determine 
the unconfined tensile strength (Figure 6-7). The performed tests yielded a 
tensile strength of 1.12 MPa for the Weber92 and 1.46 MPa for the Weber95 
after 28 days of moist curing. 
(a) (b) 
Figure 6-7  Unconfined tensile test: (a) speciment preparation (b) 
speciment failure 
 
Elastic modulus 
The identification of the elastic modulus and the Poisson’s ratio of the 
fabricated concrete is based on the B15-213:1999 standard which consists in 
the application of five cycles of loading. During each cycle, a cylindrical 
concrete specimen (Diameter =113 mm, Length = 216 mm) is progressively 
loaded until reaching 30 % of the unconfined compressive strength and then 
unloaded to a pressure of 100kPa. Figure 6-8 and Figure 6-9 show respectively 
the applied stress as function of axial strain and circumferential strain during 
cyclic loadings for the Weber92 after 28 days of moist curing. 
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Figure 6-8 Cyclic tests on Weber92 after 28 days of moist curing: applied 
stress vs. axial strain  
 
 
Figure 6-9 Cyclic tests on Weber92 after 28 days of moist curing: applied 
stress vs. circumferential strain 
 
Table. 6-5 summarizes the identification of the elastic modulus and Poisson’s 
ratio of Weber 92 based on the above compression cyclic test. 
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 Weber92 
Cycle N° E [GPa] ν [-] 
1 10.63 0.213 
2 10.47 0.212 
3 10.71 0.212 
4 10.73 0.213 
5 10.59 0.215 
Mean 10.63 0.213 
Tab.  6-5  Elastic modulus of the the Weber92 (average rock mass 
quality) 
Conclusion 
Finally, mechanical properties of the built synthetic rocks (Weber92 and 
Weber95) based on performed tests are depicted in table. 6-6 
 Value 
Parameter Symbol Unit Weber92 Weber95 
Unconfined compressive strength  σc [MPa] 21 27 
Unconfined tensile strength σt [MPa] 1.12 1.46 
Elastic modulus E [GPa] 10.63 22 
Poisson’s ratio ν [-] 0.213 0.185 
Density  ρ [kg/m3] 1980 1980 
Tab.  6-6  Mechanical properties of the manufactured concrete at 28 days 
6.3 Reduced scale experimental setup 
6.3.1  Geometry parameters 
The reduced scale model consists mainly in three parts: the tubular pile (steel 
tube), the rock layer (concrete block), and the impact system (mass, helmet). 
All these parts are depicted in Figure 6-10 
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Figure 6-10 Reduced scale experimental setup: geometry parameters 
The impact system is made by five main parts: 
- The mass (hammer): 10 kg. 
- The guide rod: the vertical displacement of the mass during impact 
loading is ensured by a  21 mm steel rod diameter. Thus, the mass 
slides along this rod and hits the helmet. The dynamic impact is 
therefore genetrated. 
- The helmet: the compressive load generated by the hammer blow is 
transmitted to the pile (tube) thanks to a steel disc (thickness=1 cm) 
- Centering device: in order to maintain the concentricity of the pile and 
the impact system, a steel ring is welded onto the helmet. 
- Cables: the mass is suspended using cables in order to reach the 
required drop height (H). 
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6.3.2 Impact system assessment 
The experimental simulation of pipe pile driving through a rock layer needs 
an appropriate impact system in terms of generated dynamic load (impact 
duration and stress distribution). Thus, an assessment of the impact system is 
needed. For this end, tests have been performed to analyse stresses generated 
at the pile head level. The tube head were equipped by two diametrically 
opposed strain gauges (SGA and SGB) in addition to an accelerometer. Figure 
6-11 shows the variation of the recorded strains at the tube head as functions 
of time for the case of cellular concrete used as rock layer and a drop height 
equal to 20 cm. 
 
Figure 6-11 Impact system assessment: Strain Vs. time at the pile head 
produced with the initial driving assembly (Synthetic rock=Cellular 
concrete, H=20cm) 
Figure 6-11 evidences that the impact system generates a non-axisymmetric 
loading. The strain gauge SGA presents a tensile wave while the strain gauge 
SGB shows a compressive wave. After a thorough investigation of the mass 
motion during contact with the helmet, a non-axisymmetric impact has been 
observed as shown in Figure 6-12. 
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Figure 6-12 Non axisymmetric loading generated by the impact system 
In order to overcome this problem and obtain more consistent data, several 
provisions have been taken to improve the quality of the generated impact. 
These provisions aiming at producing a more concentric distribution of stress 
during impact allowed us to generate an more axisymmetric loading, as 
evidenced by Figure 6-13. 
 
Figure 6-13 Strain Vs. time at the pile head produced with the improved 
driving assembly (Synthetic rock=Cellular concrete, H=20cm) 
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6.4 Experimental Results 
6.4.1 Impact loading 
In order to analyse results provided by the reduced scale experimental setup 
and provide comparison with the numerical model, it is necessary to identify 
the loading generated by the impact system. To this end, registered 
acceleration of the tube head has been integrated to obtain the velocity (tube 
length=5.5m). Results show an impact duration of a 2.2 ms. Figure 6-14, 
Figure 6-15, and Figure 6-16 shows respectively the evolution the kinetic strain 
at the tube head for 5 cm, 20 cm, and 40 cm of mass drop height during 
penetration tests into foamed (Cellumat) concrete. It should be recalled that 
the kinetic strain is ratio between the velocity of pile head and the wave 
propagation speed in the steel (5172 m/s). 
 
 
Figure 6-14 Kinetic strain at tube head level for 5 cm of mass drop height 
(Foamed concrete) 
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Figure 6-15 Kinetic strain at tube head level for 20 cm of mass drop 
height (Foamed concrete) 
 
 
Figure 6-16  Kinetic strain at tube head level for 40 cm of mass drop 
height (Foamed concrete) 
In terms of repeatability, Figure 6-14, Figure 6-15, and Figure 6-16 prove that 
impact system generates similar loading. 
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6.4.2 Strains and stresses in the tube during penetration 
6.4.2.1 Penetration into the foamed concrete (very poor rock 
mass quality 
During penetration tests into foamed concrete, axial strain at different levels 
of the tube has been measured. Figure 6-17 shows the evolution of the axial 
strain at z=2.Dt and z=4.Dt where z is the vertical distance measured from the 
tube tip and Dt is the tube diameter (60.3mm) for different mass drop height 
(h=5cm, h=20cm, and h=40cm). 
  
            (a)                     (d) 
  
                   (b)                       (e) 
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                  (c)                  (f) 
Figure 6-17  Stresses at tube toe level during penetration into foamed concrete:  
(a) z=2.Dt and h=5cm; (b) z=2.Dt and h=20cm; (c) z=2.Dt and h=40cm; (d) z=4.Dt and 
h=5cm; (e) z=4.Dt and h=20cm; (f) z=4.Dt and h=40cm (tube length=5.5m) 
 
Based on Figure 6-17, it can be noted that the maximum measured strain at 
z=2. Dt from the tube tip during penetration does not exceed 100µε which 
corresponds to almost 21 MPa of axial stresses. Figure 6-18, Figure 6-19, and 
Figure 6-20 summarizes respectively the maximum axial strain during 
penetration at z=H (tube head), at z=H/2 (tube mid-point), and z= z=2. Dt (tube 
toe). 
  
Figure 6-18  Maximum axial strain during penetration into foamed 
concrete at z=H (tube length=5.5m)  
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Figure 6-19  Maximum axial strain during penetration into foamed 
concrete at z=H/2 (tube length=5.5m) 
 
Figure 6-20  Maximum axial strain during penetration into foamed 
concrete at z=2.Dt (tube length=5.5m) 
6.4.2.2 Penetration into Weber92 after 5 days of moist curing 
(average rock mass quality) 
During penetration tests into the Weber92 after 5 days of moist curing where 
the unconfined compressive strength (σc) is equal to 11MPa, axial strain has 
been measured. Figure 6-21 shows the evolution of the axial stain at z=2.Dt 
and z=4.Dt for different mass drop height (h=20cm, h=40cm, and h=80cm). 
0
10
20
30
40
50
60
70
0 100 200 300 400
P
e
n
e
tr
a
ti
o
n
 [
m
m
]

Max
 []
 
 
h=5cm
h=20cm
h=40cm
Material: Foamed concrete
z=H/2
0
10
20
30
40
50
60
70
0 50 100 150 200
P
e
n
e
tr
a
ti
o
n
 [
m
m
]
 []
 
 
h=5cm
h=20cm
h=40cm
Material: Foamed concrete
z=2xD
 130 
 
  
(a) (d) 
  
(b) (e) 
  
(c) (f) 
Figure 6-21  Stresses at tube toe level during penetration into Weber92 (σc =11MPa): 
(a) z=2.Dt and h=20cm; (b) z=2.Dt and h=40cm; (c) z=2.Dt and h=80cm; (d) z=4.Dt and 
h=20cm; (e) z=4.Dt and h=40cm; (f) z=4.Dt and h=80cm (tube length=5.5m) 
6.4.3 Tube integrity during driving 
It should be recalled that the experimental study aims to simulate the driving 
of a tubular pile through a rock layer in order to assess the structural integrity. 
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Figure 6-22 shows the axial plastic strain recorded for different mass drop 
height (Table. 6-8) for a tube of 2.8 m length. 
Impact number Drop height 
1 14 H<40 cm 
15 19 H=80 cm 
20 24  H=40 cm 
25 27 H=80 cm 
2832  H=130 cm 
33 36 H=160 cm 
37 42  H=80 cm 
Tab.  6-7  Drop height as a function of impact number 
 
Figure 6-22 Recorder axial plastic strain (tube length=2.8 m) 
As showed by Figure 6-22, a plasticization has been recorded at the tube head 
level. This plasticization is due to the superposition of the compressive 
incident wave (generated by the impact system) and the reflected wave 
(reflected during the contact between the tube and the concrete block). Based 
on numerical simulations, the use of a longer tube (5.5 m) will avoid this 
problem since the incident wave will be totally developed inside the tube 
before being reflected by the synthetic rock. 
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6.5 Numerical modelling of the reduced scale model 
In order to deepen this study, a numerical modelling based on Coupled 
Eulerian-Lagrangian method has been built for the reduced scale model. 
6.5.1 Mechanical behaviour of the built synthetic rock 
6.5.1.1 Hoek-Brown parameters estimation 
To estimate Hoek-Brown parameters, the following assumptions are 
considered: 
- Compression tests are performed on the intact rock (GSI=100) since 
the concerned concrete block does not present any discontinuity surfaces: 
the measured unconfined compression strength (σc) is in line with the intact 
rock (GSI=100, σci =σc, and s=1). Figure 6-23 shows a schematic diagram of 
rock mass with many sets of discontinuity and an intact rock specimen that 
is typically tested in laboratory. It is noted that the resistance of a rock mass 
is very different from that of an intact rock due to the presence of 
discontinuity surfaces (Figure 6-24).  
 
 
Figure 6-23 Rock mass Vs. intact 
rock 
Figure 6-24 Yield surfaces for both intact 
rock and rock mass 
- The disturbance factor is equal to zero (D=0) 
- The material constant: α=1/2 consequence of GSI=100 
 
Only the material parameter mi should be identified in order to obtain a 
complete characterization of the rock resistance according to the Hoek-Brown 
yield criterion. In fact, the uniaxial tensile strength can be expressed as 
follows: 
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



  smm bb
ciUniaxial
t 4
2
2  Equ.  6-1 
Then, the material constant mi (GSI=100) can be expressed as follows: 
 
ci
Uniaxial
t
Uniaxial
t
ci
bi smm




  Equ.  6-2 
Finally, Hoek-Brown parameters for the Weber92 after 5 days of moist curing 
are depicted in table. 6-7 
 
 
 
Hoek-Brown parameter Unit Value 
Intact unconfined compressive 
strength: σci 
[MPa] 11 
Geotechnical Strength Index: GSI [-] 100 
mi [-] 18.4 
Disturbance factor: D [-] 0 
Tab.  6-8  Estimated Hoek-Brown parameters for Weber92 
6.5.1.2 Extended Drucker-Prager and Mohr Coulomb 
parameters estimation 
Both of Extended Drucker-Prager and Mohr Coulomb yield criteria 
parameters can be estimated from the principal parameters of Hoek-Brown 
yield criterion (σci, mi, GSI, D). Figure 6-25 shows the intercepts of yield 
surfaces of the Weber92 after 5 days of moist curing with the p-q plane. 
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Figure 6-25 Intercept of yield surfaces with the p-q plan of synthetic rock 
 
It noted that this estimation is valid for a mean stress (p) ranging from -σt to 
100 σt where σt is the isotropic tensile strength. 
6.5.1.3 Elastic-brittle behavior modeling 
Within the framework of the experimental tests, the rock mass quality has 
been simulated by a concrete block which has been subjected to behave as an 
elastic-plastic material. To improve this study, it is wiser to take in account 
the post-failure behaviour of the synthetic rock. According to Ribacchi (2000), 
the reduced Hoek-Brown parameters at failure are estimated for undisturbed 
rock as follows: 
 
b
r
b
r
mm
ss
65.0
04.0


 Equ.  6-3 
 
Where sr and mbr are respectively the reduced value of s and mb. 
 
Figure 6-26 shows the post-failure yield surfaces of the Weber92 after 5 days 
of moist curing in the p-q plane. 
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Figure 6-26 Post-failure yield surfaces in the p-q of the synthetic rock 
 
In order to assess the validity of the proposed Mohr-Coulomb parameters, an 
unconfined compression test and an unconfined tensile test have been 
simulated using ABAQUS software on a specimen (D=100 mm, L=200 mm) 
of the concrete block. The test consists in the application of a displacement (δ) 
according to the y-direction as shown by Figure 6-27: 
 
 
Figure 6-27 Numerical unconfined tests: (a) 
compression, (b) tensile 
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Results of the performed numerical tests are depicted in Figure 6-28 showing 
the variation of the deviator stress as a function of the axial strain. 
 
 
Figure 6-28 Deviatoric stress during numerical unconfined compression 
test (ABAQUS) 
6.5.2 Numerical modelling 
The concrete block is modelled by Eulerian elements (three-dimensional, 8-
node element EC3D8R) while the stainless steel tube is modelled using 
continuum Lagrangian elements of type C3D8R (8-node linear brick, reduced 
integration). In order to assess accurately the stress distribution, the thickness 
of tube is discretized into five elements (Figure 6-29). Contact between 
Eulerian and Lagrangian structures is enforced using a general contact 
formulation that is based on a penalty method. The Lagrangian elements can 
move through the Eulerian mesh without resistance until they encounter an 
Eulerian element filled with material (EVF≠0). The friction coefficient used 
during this simulation is equal to tan (2/3ϕ). The impact action at the pile head 
(FHead) has been derived from experimental data whereby only the downward 
force wave measured at the pile head has been considered: 
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where It is the impedance of the tube, v is the velocity measured during 
experimental tests, and F is the total force measured at pile head. The 
geometry parameters are the same as the reduced experimental setup and are 
depicted in Figure 6-29. 
 
Figure 6-29 Numerical modeling: Geometry parameters and mesh 
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Figure 6-30 shows the downward stresses measured at the tube head level for 
different blows of 40 cm of drop height during penetration into Weber92 
(σc=11MPa) 
 
Figure 6-30 Downward stresses measured at the tube head level during 
penetration into Weber92 (σc=11MPa) for a drop height of 40 cm  
Figure 6-31 provides a comparison between the experimental modelling and 
numerical modelling in terms of axial strain obtained two diameters above 
from the tube toe (z=2.D) for a drop height of a 40 cm. It evidences that both 
approaches produce similar results. 
 
Figure 6-31 Comparison between numerical simulation and experimental 
signals of deformation 2D above pile toe 
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6.6 Conclusions 
An experimental reduced scale model has been developed in the course of this 
research. This model allows the simulation of pipe pile driving into a rock 
layer able to portray stresses distribution during installation and to monitor 
structural integrity.  
 
In order to obtain a reliable reduced scale model, different steps have been 
followed. First, materials for both pile and rock were carefully selected. On 
one hand, different materials have been analysed to simulate the pipe pile, 
leading to the selection of stainless steel. To confirm this choice, steel coupons 
sampled from the selected tube have been subjected to tensile tests. On the 
other hand, two types of material have been considered to emulate the 
mechanical behaviour of different types of rock: we have chosen foamed 
concrete to simulate a very poor quality rock and we have designed and 
fabricated concrete blocks by mixing mortar (“Weber”) and Kaolinite to 
obtain a synthetic rock of the required strength. Each material has been 
subjected to different laboratory tests (unconfined compressive test, cyclic 
compressive test, tensile test) in order to obtain its comprehensive mechanical 
characterization. 
  
The second step was the design of the impact system. Following several 
iterations, an appropriate impact system was developed, allowing to 
consistently generate the desired compressive wave. 
 
A numerical model for the reduced scale model has been implemented. 
Comparison between experimental tests and numerical simulations showed 
good agreement in terms of strain measured at the tube toe level. 
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7 Conclusions and perspectives 
 
7.1 Outline of the thesis 
It is important to portray stresses to assess the integrity of a pipe pile during 
installation and the feasibility of driving. It is established that the pipe pile 
structural integrity depends mainly on the resistance of the penetrated 
subsoil/rock and on the energy delivered by the driving hammer.  
 
Within this framework, the objective of this research was to accurately 
calculate stresses in pipe pile during impact driving and assess the integrity of 
the pipe toe.  
The research program was divided in five main chapters. After an introduction 
providing the context of the research, the second chapter presented a survey 
on literature including our motivations for the choice of the reference case, 
current knowledge on pile driving modelling and rock characterization. The 
third chapter presented an analytical solution of pipe pile subjected to non-
axial static loading and a closed-form analytical solution for cavity expansion 
problems in rock mass based on the Hoek-Brown yield criterion based on the 
Lambert W function. The fourth chapter presented a numerical study for 
quasi-static cone penetration into sand and rock based on a specific technique 
called “zipper-type technique”. The fifth chapter dealt with stresses inside 
tubulars piles during impact driving and aimed mainly at portraying stresses 
in the driven pile and at assessing the integrity of the pile toe. Two methods 
have been implemented to simulate dynamic pipe pile driving into rock: the 
Lagrangian method consisting in an axi-symmetric modeling based on the 
“zipper type” technique and the coupled Eulerian Lagrangian method 
consisting in a three dimensional (3-D) modeling. The last chapter presented 
a reduced scale experimental model allowing the simulation of pipe pile 
driving into rock.  
7.2 Contribution of the thesis 
The specific contributions of this research can be summarized as follows: 
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1. The thesis contributed to a better characterization of the mechanical 
behavior of rocks based on the Hoek-Brown yield criterion. Within this 
context, an explicit analytical method has been proposed to select parameters 
of an Extended Drucker-Prager yield criterion able to produce a yield function 
approximating a given Hoek-Brown yield criterion. That method has been 
validated. 
 
2. An original analytical solution of pipe pile subjected to non-axial static 
loading has been developed. This solution is based in the Airy stress function. 
3. Two original closed-form analytical solutions have been developed for the 
expansion of a cylindrical and a spherical cavity into a rock governed by a 
particular case of the Hoek-Brown yield criterion. The solution for the 
cylindrical cavity has been numerically validated while the solution for the 
spherical cavity has been compared to results given by numerical results of 
quasi-static cone penetration. 
4. A numerical axisymmetric model for quasi-static cone penetration into sand 
and rock has been implemented. This model is based on a specific technique 
called “zipper-type technique”. This technique is applicable to quasi-static 
cone penetration into dense sand and fully coring penetration of pipe pile 
undergoing driving 
5. Two methods were implemented to simulate dynamic pipe pile driving into 
rock: the Lagrangian method consisting in an axisymmetric modeling based 
on the “zipper type” technique and the coupled Eulerian Lagrangian method 
consisting in a three dimensional (3-D) modelling. Stresses in tubular piles 
during impact driving were evaluated and structural integrity of the pile toe 
was assessed.  
6. An experimental reduced scale model has been developed in the course of 
this research. This model allows researchers to simulate pipe pile driving into 
a rock layer, in particular portraying stresses distribution during installation 
and providing insight into the analysis of the pipe structural integrity 
7.3 Perspectives 
Although this study allows the estimation of stresses inside a pipe pile during 
driving into rock, it is obvious that research is an endless process. Many ideas 
are continuously coming up but cannot be pursued due to the difficulty of the 
approached theme and to the lack of time and resources. Based on the results 
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of this research, the principal ideas that could be further analysed to improve 
this study and to better understand the mechanical behaviour and failure 
mechanism of rock during pipe pile driving are as follows. 
Within the framework of the developed analytical solution for the cavity 
expansion in rock governed by the Hoek-Brown yield criterion, the brittle 
behaviour of the rock should be taken into consideration. For this purpose, 
reduced Hoek-Brown rock parameters at failure (sr and mbr) based on Ribacchi 
(2000) would have to be introduced into the analytical solutions. 
The strain rate effects on the mechanical behaviour of rock should be 
considered in order to obtain more realistic results from the numerical 
simulations of pipe pile driving. To calibrate rock parameters, impact 
compression tests at different strain rates would have to be performed on 
synthetic rock specimens. 
In the same context, and since the proposed 3D-CEL model has demonstrated 
its capacity to simulate pipe pile driving into rock of infinite thickness, it 
would be wise to perform a parametric study of the rock thickness.  In 
addition, non-axisymmetric configurations to handle the case of a sloping rock 
layer could be simulated in order to assess the impact of non-axial effects on 
the structural integrity of the pile.  
In order to promote the structural integrity of the pipe pile and its drivability 
into rock, the use of high grade steel is recommended.  The use of driving 
shoes could be investigated. To elaborate on this particular point, it would be 
worth performing numerical simulations using the proposed 3D-CEL model 
as well as experimental simulations using the developed experimental set up.  
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Appendix 
A - The Wright ω function 
A-1 Definition 
The Wright ω function is a single-valued function, defined in terms of the 
Lambert W function. Lambert W satisfies 
    zezW zW .  Equ. A-1 
and has an infinite number of branches, denoted Wk(z)18;, for k ∈ Z. The 
Lambert W function is therefore multivalued. The Wright ω function1 is a 
single-valued function, defined as follows: 
    zzk eWz    Equ. A-2 
where  
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Figure A-1. Twp real branches of W(x):        W0(x) 
, -----W-1(x) 
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A-2 Properties of Wright ω function 
The Wright ω function has the following analytical properties: 
 ω(z) is single-valued 
 
  ω : C → C is onto C \ {0} 
 
 Except at z = −1 ± iπ, where ω(z) = −1, ω : C → C is injective; hence 
ω−1 exists uniquely except at 0 and −1. 
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 ω is continuous (in fact analytic) except at z = t ± iπ for t ≤ −1. 
 
 For z = t ± iπ and t ≤ −1, we have: 
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B - Asymptotic analysis for EDP’s parameters calculation 
Parameters of the EDP criterion can be chosen to produce a yield function 
approximating a given H-B yield criterion. An explicit determination of 
parameters a, b, and pt can even be developed by imposing that the two yield 
curves coincide at three selected points. For this purpose, two cases are 
considered, depending on the relative deviation =q/p of the stress tensor: 
B-1 Asymptotic analysis using the Taylor expansion when 0: 
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Equ. B-3 
B-2 Asymptotic analysis using the Taylor expansion when : 
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Equ. B-4 
 
C- Cylindrical cavity expansion: asymptotic analysis  
Within the frame work of the analytical solution for cylindrical cavity 
expansion in rock governed by the Hoek-Bown yield criterion, the plastic front 
Rp can be expressed by the following expression: 
 
  0
.4
4
.
2
...4
..4
4
..
2
r
sPm
es
m
Pmm
r
ciYieldb
m
s
m
Pm
C
ci
b
Yieldbbci
p
b
ci
b
Yieldb

















 
 
 
 
Equ. C-1 
 
When the applied pressure P is equal to the yielding pressure Pyield, The plasic 
front Rp can be expressed as follows: 
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D – CPT: shear stresses 
D-1 Case of loose sand (σv=100kPa) 
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D-2 Case of medium-dense sand (σv=100kPa) 
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D-2 Case of very-dense sand (σv=100kPa) 
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E – Axisymmetric modelling: very hard rock quality  
During this simulation, the pile was initially embedded in 40m of dense sand 
and 1m of very hard rock, all other parameters are the same (see Tab. 5-3). 
Figure E-1 shows the radial displacement for several hammer blows in the 
case of a very good quality rock mass. 
 
Figure E-1. Pile radial displacement at the end of several blows 
Figure E-2 and figure E-3 show respectively the axial stress at the pile toe for 
several hammer blows and for a single hammer blow in the case of a very 
good quality rock. 
 
Figure E-2. Axial stresses history under 18 blows at the pile toe 
level (very good quality rock mass) 
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Figure E-3. Axial stresses history under blow N°10 at the pile 
head level (very good quality rock) 
Figure E-4 shows the peak axial stresses for several hammer blows in the case 
of a very good quality rock mass. 
 
Figure E-4. Peak axial stresses for several hammer blows (very 
good quality rock) 
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According to Figure E-5, we can observe an accumulation of 
plastic strain after each hammer blow. 
 
Figure E-6. Equivalent plastic strain evolution at pile toe (very 
good quality rock mass) 
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F- 3D - CEL modelling: rock stresses (Blow n°10) 
F-1. Vertical stresses (average quality rock) 
 
 
F-2. Lateral stresses (average quality rock) 
 
 
F-3. Shear stresses (average quality rock) 
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F-4. Vertical stresses (very good quality rock) 
 
 
F-5. Lateral stresses (very hard rock quality) 
 
 
 
F-6. Shear stresses (very hard rock quality) 
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G- Experimental reduced scale model: penetration into Weber92 
(σc=11MPa] 
 
   
Blow n°1 Blow n°3 Blow n°5 
   
Blow n°7 Blow n°9 Blow n°15 
   
Blow n°17 Blow n°21 Blow n°28 
   
Blow n°34 Blow n°37 Blow n°40 
Figure. G-1 Tube penetration evolution into Weber92 
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Figure. G-2 Total penetration into Weber92 (5cm) 
 
